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ABSTRACT
Full-Scale Testing of Blast-Induced Liquefaction Downdrag on Driven Piles in Sand

Luke Ian Kevan
Department of Civil and Environmental Engineering, BYU
Master of Science
Deep foundations such as driven piles are often used to bypass liquefiable layers of soil
and bear on more competent strata. When liquefaction occurs, the skin friction around the deep
foundation goes to zero in the liquefiable layer. As the pore pressures dissipate, the soil settles.
As the soil settles, negative skin friction develops owing to the downward movement of the soil
surrounding the pile. To investigate the magnitude of the skin friction along the shaft three
driven piles, an H-pile, a closed end pipe pile, and a concrete square pile, were instrumented and
used to measure soil induced load at a site near Turrell, Arkansas following blast-induced
liquefaction. Measurements were made of the load in the pile, the settlement of the ground and
the settlement of piles in each case. Estimates of side friction and end-bearing resistance were
obtained from Pile Driving Analyzer (PDA) measurements during driving and embedded O-cell
type testing.
The H-pile was driven to a depth of 94 feet, the pipe pile 74 feet, and the concrete square
pile 72 feet below the ground surface to investigate the influence of pile depth in response to
liquefaction. All three piles penetrated the liquefied layer and tipped out in denser sand. The soil
surrounding the piles settled 2.5 inches for the H-pile, 2.8 inches for the pipe pile and 3.3 inches
for the concrete square pile. The piles themselves settled 0.28 inches for the H-pile, 0.32 inches
for the pipe pile, and 0.28 inches for the concrete square pile. During reconsolidation, the skin
friction of the liquefied layer was 43% for the H-pile, 41% for the pipe pile, and 49% for the
concrete square pile. Due to the magnitude of load felt in the piles from these tests the
assumption of 50% skin friction developing in the liquefied zone is reasonable. Reduced side
friction in the liquefied zone led to full mobilization of skin friction in the non-liquefied soil, and
partial mobilization of end bearing capacity. The neutral plane, defined as the depth where the
settlement of the soil equals the settlement of the pile, was outside of the liquefied zone in each
scenario. The neutral plane method that uses mobilized end bearing measured during blasting to
calculate settlement of the pile post liquefaction proved to be accurate for these three piles.

Keywords: Downdrag, Liquefaction, Neutral Plane, Driven Pile, Settlement, Static Load Test,
CAPWAP analysis, AFT-Cell test
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INTRODUCTION

Problem Statement
Liquefaction has caused significant damage to infrastructure in most major earthquakes.
Deep foundations are typically used to support bridge and high-rise structures when weak or
liquefiable soils are encountered. Deep foundations can bypass liquefiable layers and bear in
more competent strata at depth. Dead and live loads imposed on the pile foundation are typically
resisted by positive skin friction acting on the side of the pile and by end-bearing resistance at
the toe of the pile. However, when liquefaction occurs in a layer along the pile, settlement of that
layer, and the associated movement of the soil above it, could exceed the settlement of the pile. If
this is the case, the liquefied layer and the layers above it slide down relative to the pile leading
to negative skin friction along that length of the pile, as shown in Figure 1.1-1. Negative skin
friction acting along the pile creates a “dragload”.
The neutral plane is defined as the depth where the settlement in the pile and the
settlement in the soil are the same and the depth in the pile where the load is the greatest. Below
the neutral plane, the positive skin friction and end bearing provide upward resistance which
decreases the load in the pile. The location of the neutral plane is found iteratively, such that the
applied loads plus the negative skin friction above the neutral plane are equal to the positive skin
friction plus the mobilized end bearing below the neutral plane. Also, the end-bearing resistance
mobilized must be consistent with the settlement of the pile toe. Thus, the location of the neutral
plane creates a force equilibrium based on the soil settlement and the pile settlement.
1

Figure 1.1-1 Relationship between liquefaction induced settlement, positive and negative
skin friction and the neutral plane.
In contrast to non-liquefiable layers, where the negative skin friction might simply be
equivalent to the positive skin friction, the negative skin friction in liquefiable layers
immediately following liquefaction is likely to be a very small fraction of the pre-liquefaction
value or perhaps zero. However, as the earthquake induced pore pressures dissipate in the
liquefiable layer, the skin friction at the pile-soil interface is likely to increase. Therefore, the
negative skin friction which ultimately develops in liquefied layers might be related to the rate of
pore pressure dissipation and the increase in effective stress.
In the absence of test results, some investigators have used theoretical concepts to predict
the behavior of piles when subjected to liquefaction induced dragloads. Boulanger et al. (2004)
defined negative skin friction in the liquefied zone in terms of the effective stress during
2

reconsolidation, but concluded that the negative skin friction could be assumed to be zero with
little error in the computed pile force or settlement. Fellenius and Siegel (2008) applied their
“unified pile design” approach which was developed for downdrag in clays, to the problem of
downdrag in liquefied sand, once again assuming that negative skin friction in the liquefied zone
would be zero. They conclude that the liquefaction above the neutral plane would not increase
the load in the pile owing to the development of dragload under long-term static conditions prior
to liquefaction.
In a full-scale blast induced liquefaction test Rollins and Strand (2004) discovered that
the skin friction on a driven pipe pile in the liquefied zone could be as much as 50% of the
positive pre-liquefaction skin friction due to the rapidly dissipating pore pressures. Hollenbaugh
(2014) confirmed these results for auger-cast piles and found the side friction to be about 50% of
the pre-liquefied side friction. These results strongly indicate that side friction in the liquefied
zone is not zero as has been assumed. However, additional test data is necessary to develop a
reliable design procedure to predict negative skin friction and resulting pile performance.
To further develop the understanding of negative skin friction on piles in liquefied sand,
and the resulting pile response, a field testing program was undertaken using an H pile, a pipe
pile and a pre-cast concrete pile. Controlled blasting was used to induce liquefaction and observe
subsequent pile behavior. This thesis describes the test program, the test results, and implications
for design practice based on analysis of the test results.

Research Objectives and Scope
The objectives of this research are to determine:
1. The negative skin friction that develops on piles in liquefied sand layers and the non-liquefied
layers above them following liquefaction and pore pressure dissipation.
3

2. The distribution of load that develops in the piles and the resulting pile settlement relative to
the soil settlement.
3. The ability of the neutral plane approach to predict the load in the pile and pile settlement
relative to measured results.
To accomplish these research objectives, tests were performed on three piles after blast induced
liquefaction at a site near Turrell, Arkansas west of Memphis Tennessee. The test piles consisted
of one 92 feet long HP 14x117 steel H-pile, one 78 feet long 18 in diameter closed-ended steel
pipe pile, and one 74 feet long 18 in by 18 in precast concrete pile. Controlled blasting was
employed to liquefy a 10 to 20 ft-thick layer of sand along the pile after a 118.5-kip static load
was applied to each pile. The axial load distribution along the length of the pile due to negative
skin friction was measured after liquefaction along with pile settlement and soil settlement so
that the neutral plane approach could be evaluated. Load distribution in the piles prior to
liquefaction was obtained from Bi-directional (Osterberg-cell) type load tests on companion test
piles adjacent to the piles that were tested with blast liquefaction. In addition, load distribution
was obtained from CAPWAP analyses of velocity and force measurements obtained during pile
driving and from static load tests.

Outline of Report
The remainder of this thesis consists of five additional chapters. Chapter 2 contains a
review of the current literature and design approaches for dealing with downdrag on piles in
liquefied sand. The third chapter explains the geotechnical setting, and site characterization. This
chapter also contains preliminary calculations and predictions pertaining to the subsequent blast
test. Chapter 4 explains the test layout, pile installation, and instrumentation for the test. This
chapter also contains the results of the AFT-Cell test, and the results from the CAPWAP
4

analyses. Chapter 5 describes the results of the blast liquefaction tests and compares measured
behavior with predicted behavior using the neutral plane approach. The sixth and final chapter
offers a summary of the test program and conclusions based on the results of the field testing and
subsequent analysis.
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2

INTRODUCTION

Overview
There have been several publications evaluating skin friction on piles, under static
conditions. Little, however, has been published concerning skin friction during a liquefaction
event. There is some controversy regarding the appropriate approach for the design of the piles,
failure mechanisms, and other considerations, which will be discussed in this literature review.
Most research has been evaluation of case studies. However, some research has been performed
using full scale testing in the field, and some has been performed in the lab using shake tables
and centrifuges. Others have produced finite element models attempting to match test results
found in the laboratory.

Current Research
Fellenius and Siegel (2008) presented several ideas related to downdrag, many of which
are related to liquefaction downdrag. One of the more important ideas is piles that are installed to
transfer from soft or loose soil layers to denser soil layers will always develop negative skin
friction, regardless of surcharge, a drop in the water table, or liquefaction. He suggests the
development of negative skin friction in soft or loose soils due to pore pressure build up around
the pile during construction. Over time these pore pressures dissipate causing the soil to settle
relative to the pile, this will create negative skin friction which causes the pile to settle as well.

6

Where the settlement of the surrounding soil equals the settlement of the pile, there will be a
neutral plane. This is also where the load in the pile will be a maximum. There will be positive
skin friction below the neutral plane, and end-bearing mobilization associated with the static pile
settlement. The difficulty with some of these assumptions is that there must be cumulative
profile settlement to induce downdrag, but in this case, it is only along the pile shaft.

Figure 2.2-1 Load vs. depth in a driven pile showing the neutral plane before liquefaction,
(Fellenius and Siegel 2008)

7

Figure 2.2-1 shows the static load distribution of a pile with dissipating pore pressures
leading to a static neutral plane. The case studies associated with this idea were long-term, static
conditions (Fellenius 2006). A cumulative settlement profile is developed from compaction of a
layer. The drag forces presented here, however, seem to be developed by a small radius of soil
surrounding the pile due solely to pile installation. The assumption then is the soil surrounding
the pile settles, creating a downward dragload and the pile settles. The end-bearing increases and
develops force beyond what it developed under applied loads. The pile settles more than the
surrounding soil from the base up to the neutral plane and positive skin friction forms. From the
surface, down to the neutral plane the soil settles more than the pile and negative skin friction
develops. It is as if the soil directly around the pile is settling such that it creates a drag load
which causes the pile to settle and creates a positive upward friction and a static neutral plane.
Fellenius and Siegel (2008) present some other ideas that are important in the discussion
of pile design, with the assumption that the static condition is the same as the one in Figure
2.2-1. Figure 2.2-2 shows how the pile could react if liquefaction happens above the static
neutral plane. The negative skin friction in the liquefied zone would go to zero, and there would
be a small reduction of the drag load and geotechnical axial capacity. Fellenius and Siegel (2008)
argue that no change would occur below the neutral plane and no pile movement or settlement
would occur. He does argue that the neutral plane would become lower due to the decrease in
dragload. The implications for the settlement suggest that this is not true, and Figure 2.2-2 is
inaccurate. Because there is no movement by the soil or pile below the neutral plane, the neutral
plane should not move down. In truth, a lower neutral plane would mean the pile settles less. The
neutral plane would, however, remain at the same depths and the same positive friction would
exist below it, because the pile does not settle at all. The reduction in drag load decreases the
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end-bearing, and although end bearing depends on movement, no movement is occurring. Thus,
end bearing would be less than it had mobilized previously. Rebounding upward movement in
the toe is unlikely to cause an upward movement in the pile toe sufficient enough to cause a
section of the skin friction to change from positive to negative and thus lower the neutral plane.
Either way, the situation is not critical. The layer would eventually re-mobilize skin friction,
most likely negative as Fellenius suggests, which would return the neutral plane to its original
depth.

Figure 2.2-2 Load vs. depth in a driven pile showing what happens when liquefaction
occurs above the neutral plane, (Fellenius and Siegel 2008)
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The next case Fellenius and Siegel consider is when the liquefied layer is below the
neutral plane. Unlike the first case, in this situation, the liquefied layer produces dragload. As
explained by Fellenius, when liquefaction occurs below the static neutral plane, the neutral plane
immediately moves to the bottom of the liquefied layer. At this point, what happens depends on
what kind of soil the pile end is bearing in. If the pile toe is bearing in a dense stratum, then the
settlement at the toe would be small, and the major concern would become analyzing the pile for
buckling. This is not necessarily the case, because when the pile could settle a small amount
which would move the neutral plane up into the liquefied layer.
However, if it is bearing in a weak stratum, then the neutral plane moves to the top of the
liquefied layer and the settlement in the pile is equal to the settlement of the liquefied layer. The
layer above the liquefied zone settles as well, but Fellenius does not expound on this. Figure
2.2-3 shows what would happen as reported by Fellenius. Either way the governing scenario for
design would be the one where liquefaction occurs below the neutral plane, and the forces above
are then greater than those below the newly liquefied layer causing dragload to lower the neutral
plane, and the associated toe penetration.
There is still some confusion regarding the magnitude of the dragload in the liquefied
zone, if any at all. There was no dragload in the liquefied zone, when it occurred above the
neutral plane, whereas it appears there was dragload in the liquefied zone when it occurred below
the neutral plane, Fellenius does not explain this difference. We can assume that settlement in the
layers is equal, but the neutral plane location is only affected when liquefaction happens below
the pre-liquefaction neutral plane. It is important to understand how dragload might develop in
liquefied layers, because this could increase the load in the pile, increase end bearing load and
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potentially settlement. It is clear in the previous examples that understanding how dragload
might affect the pile is complex.

Figure 2.2-3 Load vs. depth in a driven pile showing what happens when liquefaction
occurs below the neutral plane, (Fellenius 2008)
The AASHTO LRFD Bridge Design Specifications (AASHTO, 2014) contains very little
regarding liquefaction. Basically, the pile is designed with load and resistance factors such that
the positive friction along the length of the pile and end-bearing at the base of the pile can resist
the applied load and any potential dragload. It isn’t clear how this dragload is to occur, whether it
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be the static dragload as Fellenius suggests, a consolidation-related development, or a
liquefaction-compaction mechanism. Either way the design calls for dragload down to the lowest
settling layer. There are two flaws with this simplified method, which Fellenius address, and will
be explained here.
First, using factored loads is fundamentally inaccurate. Positive and negative skin
friction, the neutral plane, the end-bearing, and settlement, which is integral to all, are closely
tied and therefore it is essential to use unfactored loads. Factoring loads creates incorrect neutral
planes, incorrect settlements, and an incorrect interpretation of how the pile will react. Rather,
safety can be increased by lowering the design neutral plane and therefore decreasing
settlements.
The second main flaw is that the AASHTO design does not provide information about
anticipated settlements. Settlement is important in determining the location of the neutral plane,
and how much end bearing is mobilized. Also, it is possible for settlement to occur below the
neutral plane (the pile would be settling more than the layers below the neutral plane). Every
segment in the pile is essential and must be considered.
Boulanger and Brandenburg (2004) presented a modified neutral plane solution. This
solution focused primarily on the liquefied layer and accounted for variation in excess pore
pressures and ground settlement over time as the liquefied layer reconsolidates. They describe an
equilibrium that adjusts with time as the pore pressures dissipate rather than an equilibrium based
on final at rest conditions. They present the modified neutral plane solution. They argue that the
settlement of the pile at the neutral plane may not equal the settlement of the soil at the neutral
plane, because the neutral plane moves upward as the soil layer consolidates. Analyzing one
small section of the pile the settlement of the pile equals the settlement of the soil at the neutral
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plane. Due to the neutral plane changing locations, the soil at its final location was experiencing
high settlements the entire duration of consolidation. This is because the neutral plane was
experiencing incrementally higher settlements as it changed positions, then at its final location it
had the highest compaction.
Wang and Brandenberg (2013) presented another neutral plane solution called the Beam
on Nonlinear Winkler Foundation (BNWF) from Wang (2016), and compared their results with a
centrifuge by Lam et al. (2009) to see how well their equation correlated to actual data. Their
findings were that the settlement of the soil and the settlement of the pile were not equal at the
neutral plane, but that the relative velocity of the pile and the soil were equal at the neutral plane.
Settlement in the BNWF is dependent on drainage conditions with more settlement occurring in
the soil if consolidation starts near the top of the liquefied layer and less consolidation if is
commenced on the bottom the liquefied layer. The BNWF tended to under predict settlements
when drainage was at the bottom of the liquefied layer and it tended to over predict settlements
when drainage was at the top of the liquefied layer. When there was double drainage, the
predicted settlement was close to the actual settlement. Another important point of the BMWF is
that it shows that as pore pressures dissipate in the liquefied zone and it develops side friction
slowly until it returns to a static condition. However, the amount of friction that is developed is
small, and they did not give any values as to what the magnitude could be.
Rollins and Strand (2006) conducted full scale blast induced liquefaction tests in
Vancouver, BC involving a 12.75 in diameter driven pipe pile. A cross section and plan view of
this test is shown in Figure 2.2-5. The single pile was subjected to a static load using hydraulic
jacks reacting against a load frame while a layer from 5 m to 15 m was liquefied using a series of
explosives charges. At the onset of blasting, the test pile settled slightly, so that the load applied
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by the hydraulic jacks dropped almost immediately after the initiation of blasting. This reduced
the load the pile was feeling by 156 kN for 18 seconds. Figure 2.2-4 shows the load versus depth
curve for the test pile after a pre-blast static load, during blasting then after all the settlement had
occurred. The pile fully mobilized positive skin friction after loading the hydraulic jacks. During
blasting the skin friction in the liquefied zone was essentially zero, which is expected, however
you would expect to see negative skin friction above the liquefied zone. When the load was
reapplied, this created positive skin friction above the liquefied zone. Positive skin friction above
the liquefied zone stayed the same after the soil settled, and negative skin friction developed in
the liquefied zone as pore pressures dissipated. This negative skin friction was equal to
approximately 50% of the fully mobilized positive skin friction.

Figure 2.2-4 Pile load vs depth curves before blasting, immediately after blasting and after
settlement of the liquefied layer.
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Figure 2.2-5 (a) Plan view and (b) profile view of test pile, blast charges, and instrument layout (Rollins and Strand 2006).
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Knappett and Madabhushi (2008) performed scale model centrifuge tests scaled down by
the acceleration of the centrifuge, see Figure 2.2-6. The apparatus was a small model with
prototype dimensions of 10.4 meters of loose underlain by 12 meters of dense sand. A pile group
was driven through the loose sand and into the dense layer, and then connected with a pile cap.
The piles were instrumented with strain gauges and base plates to measure skin friction and end
bearing. The goal of their experiments was to measure the performance of the pile after
liquefaction for cases with and without a pile cap. The piles were place in the apparatus and then
backfilled with the layer of loose sand and were embedded in a layer of dense sand (Dr=90%).
Even though the pile tips were in denser strata, the sand at the tip still liquefied and the pile
group settled relative to the surrounding soil. This is surprising considering the relative density
around the piles. Nevertheless, they were unable to develop negative skin friction but they note
that the magnitude of the positive skin friction in the liquefied sand is “very similar in magnitude
to those measured in a full-scale test.” The full-scale test here refers to the test performed by
Rollins and Strand (2006).
Rollins and Hollenbaugh (2015) attempted to confirm the value of skin friction in the
liquefied zone, by conducting full scale blast induced liquefaction tests on drilled shafts. Their
experiments consisted of two separate blasts on three drilled shafts. The first test was conducted
with no loads on the shafts, and the second blast was conducted with a static dead load directly
applied to the drilled shafts. This prevented the problem that was seen in Rollins and Strand’s
experiment of not being able to apply a consistent load while the pile settles. The cross section
and plan view of their tests are found in Figure 2.2-7 and Figure 2.2-8 respectively.
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Figure 2.2-6 Cross section of centrifuge test layout (Knappett and Madabhushi 2010).
Their results were consistent with what was found by Rollins and Strand. During the first
blast, the soils settled relative to the pile, and downdrag formed with a clear neutral plane. Skin
friction outside of the liquefied zone was fully mobilized, and about 50% of the magnitude of
fully mobilized skin friction developed in the liquefied layer. Results are shown in Figure 2.2-10.
In the figure as the load versus depth curve moves into the liquefied zone there is a clear change
in slope in the curve. This indicates the change in magnitude, but also equally important, the
slope does not become vertical. Thus, there is skin friction developed, and it is about 50% of the
magnitude of fully mobilized skin friction.
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Figure 2.2-7 Plan view of test piles, blast holes and instrumentation (Rollins and
Hollenbaugh 2015).

Figure 2.2-8 Elevation view of test piles, blast charges, and instrumentation relative to the
soil profile (Rollins and Hollenbaugh 2015).
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Figure 2.2-9 Interpreted pile load versus depth curves (solid lines) following blast
liquefaction along with predicted curves (dashed lines) assuming skin friction equal to 50%
of measured average positive skin friction from the static load test (Rollins and
Hollenbaugh 2015).
The piles during the second blast were loaded such that the piles settled more than the
surrounding soil so only positive skin friction developed along the shaft. Once again, the skin
friction outside of the liquefied zone fully mobilized and the magnitude of the skin friction in the
liquefied zone during the second blast was about 42%. Figure 2.2-10 Thus, a magnitude of 50%
in the liquefied zone is reasonable.
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Figure 2.2-10 Load in the piles after the second blast showing resistance in liquefied and
non-liquefied section.
Even though it is becoming clearer that the liquefied zone does develop skin friction,
there is still a lot of uncertainty how the skin friction should be distributed, what its magnitude
should be, and where the neutral plane should fall. There remains some uncertainty as to how the
dragload acts after liquefaction induced settlement occurs. Most of these uncertainties are due to
lack of good data. Most of the tests and case studies presented here were performed on driven
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steel piles, however Hollenbaugh tested drilled shafts and in his report, they appeared to act
similar to piles. It would be helpful to have more tests, not only on steel piles, but on pre-cast
concrete piles, and drilled shafts.
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3

SITE CHARACTERIZATION, AND PRELIMINARY CALCULATIONS

Geotechnical Site Conditions
The test site for this project is known as the Turrell, Arkansas Test Site (TATS) and is
located near, the New Madrid Seismic Zone (NMSZ) in Northeastern Arkansas about 30 minutes
northwest of Memphis, Tennessee as shown in Figure 3.1-1. This area was originally
investigated by the University of Arkansas in connection with a study static capacity of drilled
shafts. The test site is also located within the Mississippi embayment area and as a result has
thick layers of clean sand, and silty sand deposits, with a high water table. Due to these factors,
the area has a high susceptibility to liquefaction and has experienced liquefaction in the past. The
most notable event that caused liquefaction was the New Madrid Earthquake of 1811-1812 in
which a series of earthquakes and aftershocks (Mw7.5-7.9) hit the area over a period of 14
months. During this time the area experienced landslides, flow failures and geologic
deformations, although structural damage was minimal due to sparse populations at the time.
Prior to this study, soil investigations were performed with personnel from the Missouri
Department of Transportation (MoDOT), and the Arkansas State Highway and Transportation
Department (AHTD) in conjunction with the University of Arkansas (Race 2015). These
investigations included the AHTD conducting standard penetration tests using a standard (30mm
diameter) split spoon sampler in all soil deposits (see Figure 3.1-2 and Figure 3.1-3), the
MoDOT conducting Cone Penetration Tests (CPT) using a 10 cm2 cone in all soil deposits (see
Figure 3.1-4). In addition, the University of Arkansas conducted unconsolidated-undrained
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triaxial compression tests on undisturbed samples of cohesive soil deposits and standard
penetration tests using a California split spoon sampler (60mm diameter) in cohesionless soil
deposits (see Figure 3.1-5). Seismic data was also obtained by means of a seismic cone
penetration test (SPCT) performed by MoDOT. The CPT soundings were performed at the
location of the piles (within one to two feet) for this study and are the primary tool for analyzing
the soil. Analysis of the SPT results were also performed for comparison purposes. However, it
should be noted that the SPT holes were located about 50 feet away from the CPT holes. For
reference, the locations of the CPT and SPT holes are shown in Figure 3.1-6. N, C and S are
abbreviations for North, Center and South and are used only in the image.

\

Figure 3.1-1 Location of the Turrell Arkansas Test Site.
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Figure 3.1-2 Photo of a student working with a split spoon sampler during SPT testing at
TATS field site (Bey 2014).

Figure 3.1-3 Photo of the drill rig for the standard penetration test (SPT) (Bey 2014).
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Figure 3.1-4 Photo the Missouri Department of Transportation cone penetration Test
(CPT) rig (Bey 2014).

Figure 3.1-5 Photo of the undrained unconsolidated triaxial compression test setup at the
University of Arkansas (Race 2015).
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Figure 3.1-6 Locations of the SPT and the CPT holes.
Figure 3.1-7 provides plots of the average cone tip resistance, sleeve friction, friction
ratio, and pore pressure versus depth profiles obtained from the three CPT tests located near the
test piles. One standard deviation boundaries are also plotted in Figure 3.1-7 and the scatter in
the data is quite small indicating that the profile is relatively consistent laterally. The CPT
averages and standard deviations are based on three CPT’s to a depth of 60 feet but only one
CPT was available at greater depths. There was no pore pressure data below 60 feet. The nonnormalized Soil Behavior Type index, Ic, was calculated by the program CLIQ using equation 31 (Robertson 2010) to better identify the soil types in the profile.
𝐈𝐈𝐜𝐜 = [(𝟑𝟑. 𝟒𝟒𝟒𝟒 − 𝐥𝐥𝐥𝐥𝐥𝐥 𝐐𝐐𝐭𝐭 )(𝐥𝐥𝐥𝐥𝐥𝐥 𝐅𝐅𝐫𝐫 + 𝟏𝟏. 𝟐𝟐𝟐𝟐)𝟐𝟐 ]𝟎𝟎.𝟓𝟓
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3-1

In this equation Qt is the normalized cone penetration resistance and is determined from the
following equation
𝐐𝐐𝐭𝐭 = (𝐪𝐪𝐭𝐭 − 𝛔𝛔𝐯𝐯𝐯𝐯 )/𝛔𝛔′𝐯𝐯𝐯𝐯

3-2

where σvo is the initial vertical total stress and σ’vo is the initial vertical effective stress, and qt is
the total cone tip resistance adjusted for pore water effects using equation
3-3

𝐪𝐪𝐭𝐭 = 𝐪𝐪𝐜𝐜 + 𝐮𝐮𝟐𝟐 ∗ (𝟏𝟏 − 𝐚𝐚)

where qc is the cone tip resistance, u2 is the measured pore pressure, and a is the cone area ratio
and is equal to 0.8 which is typical. Fr in equation 3-1 is the normalized friction ratio defined as
the sleeve resistance fs divided by the cone tip resistance qt minus the overburden pressure σ’vo.
Ic is plotted as a function of depth in Figure 3.1-8. Generally, the upper 30 feet of the profile is
cohesive fine-grained soil while the deeper layers are coarse-grained, cohesionless soils.
Based on the CPT soundings and laboratory tests on samples obtained from conventional
borings, an idealized soil profile has been developed as shown in Figure 3.1-7. Generally, the
soil profile can be broken down into five layers. The first layer at the surface consists of about 25
feet of high plasticity clay (CH); The clay is underlain by the second layer which consists of
about 5 feet of silt to silty clay (ML to CL). The third layer is a poorly graded silty sand (SM)
about 10 feet thick. The fourth layer is 20 feet thick and is composed primarily of loose silty
sand with an upper dense layer from a depth of 40 to 50 ft and a lower loose sand layer from 50
to 60 feet (SP). At a depth of 60 feet the soil profile transitions into a dense clean sand (SP)
which extends to the depth investigated, and this is the fifth layer.
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Figure 3.1-7 Plots showing the cone tip resistance, sleeve friction, friction ratio, pore pressure and the idealized soil profile as a
function of depth.
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Figure 3.1-8 Plots showing cone tip resistance, sleeve friction, relative density, idealized soil profile, and the soil profile based
on the ISBT zones as a function of depth.
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The soil profile was originally thought to have a water table of about 10 feet (Race 2015).
However, during field investigations it was discovered that the soil profile had two water tables
one located at about 10 feet in the clay layer, and one located at a depth of about 25 feet for the
sand layer. So, calculations were made such that when dealing with soils in the clay layer a water
table of 10 feet was used and when dealing with soils in the sand layers a water table of 25 feet
was used. It is important to note that the site is located within the Mississippi River flood plain
and the water table fluctuates significantly.
In the sand layers, the relative density (Dr) in percent was calculated using two methods
based on the CPT data. The first method developed by Jamiolski et al (1985) computes Dr using
the equation
𝐃𝐃𝐫𝐫 (%) = −𝟗𝟗𝟗𝟗 + 𝟔𝟔𝟔𝟔 ∗ 𝐥𝐥𝐥𝐥𝐥𝐥 𝟏𝟏𝟏𝟏 �

𝐪𝐪𝐜𝐜
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where qc is the cone tip resistance in t/m2 and 𝝈𝝈′𝒐𝒐 is the vertical effective stress in t/m2. In these

equations, t is metric tonnes and is equal to 1,000 kg (2205 lb). The second method was
developed by Kulhawy and Mayne (1990) and computes Dr using the equation

𝐃𝐃𝐫𝐫 = �𝟑𝟑𝟑𝟑𝟑𝟑∗𝐐𝐐
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where Qc is the compressibility factor which is assumed to be 1, OCR is the overconsolidation
ratio, which is assumed to be 1, qc is the cone tip resistance in kN/m2 and 𝜎𝜎𝑜𝑜′ is the vertical

effective stress in kN/m2 and pa is the atmospheric pressure in kN/m2. The atmospheric pressure
is assumed to be 100 kN/m2. In addition, the SPT blow counts from test holes located 55 ft from
the test piles were used to compute Dr using the equation
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developed by Kulhawy and Mayne (1990) where (N1)60 is the SPT blow count corrected for
overburden pressure and hammer energy. The relative density profiles from the various holes are
provided in Figure 3.1-8. The calculations of the relative densities from the two different CPT
methods agree very well with each other, although the Kulhalwy and Mayne (1990) equation
provides relative density values that are slightly smaller. The relative density from the SPT is
also generally consistent with the calculations based on the CPT data. However, discrepancies
are observed at depths of 45 feet, 55 feet and 68 feet. At these depths the CPT provides a relative
density that is much smaller than that provided by the SPT data. The difference could be due to
differing locations where the tests were taken, or where the fines contents increase suggesting
that the CPT is more sensitive to fines than the SPT.
Figure 3.1-9 provides comparison profiles of the CPT cone tip resistance and the SPT
blow count along with profiles of the shear wave velocity and unit weight versus depth.
Although the SPT blowcount and CPT cone resistance are qualitatively similar in showing low
values in the upper cohesive layers and higher values in the deeper granular layers, there is no
consistent ratio of qc/(N1)60 The discrepancies are probably due to differing test locations and the
lack of data points from the SPT.
The shear wave velocity (Vs) profile was obtained from the Seismc CPT sounding
conducted by MODOT. A Vs below 210 m/s indicates that the sand is loose enough to liquefy if
a large enough earthquake were to strike. Almost all of the sand layers have velocities less than
210 m/s except in the dense sand layer at a depth of 45 ft indicating that they are potentially
liquefiable.
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Unit weights were obtained from three sources. In the cohesive surface layers the unit
weight was determined from undisturbed samples obtained with thin-walled shelby tubes. In the
sands, the unit weights were derived from correlations with SPT values by Race (2015) and
correlations with CPT relative density developed by the US Navy (1982). In addition, total unit
weights, γ, were calculated versus depth with the program CLIQ using equation 3-6 developed
by Robertson and Cabal (2015)
𝐪𝐪

𝛄𝛄 = [𝟎𝟎. 𝟐𝟐𝟐𝟐 ∗ 𝐥𝐥𝐥𝐥𝐥𝐥(𝐑𝐑 𝐟𝐟 )] + 𝟎𝟎. 𝟑𝟑𝟑𝟑 ∗ �𝐥𝐥𝐥𝐥𝐥𝐥 �𝐩𝐩 𝐭𝐭 ��
𝐚𝐚
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where Rf is the friction ratio and qt is the total cone tip resistance adjusted for pore water effects
using Equation 3-3 and pa is atmospheric pressure.
The three unit weight profiles are similar until a depth of about 30 feet. Once in the sand
layer, the CPT based approach predicted consistently higher values than the SPT approach. Once
again, this may be due to differing test locations and fewer points from the SPT tests.
Figure 3.2-2 provides plots of Ic, fines content, undrained shear strength and Atterberg
limits versus depth. Generally, an Ic greater than 2.6 indicates that a soil is non-liquefiable
because of the fines content and plasticity of the soil. Above 30 feet the Ic is considerably above
2.6 as expected. However, below 30 feet the Ic values are generally below 2.6, which means that
the soil is susceptible to liquefaction. However from 52 to 56 feet the value is close to 2.6,
which means it may not be liquefiable at all. However, 2.6 is not an absolute boundary and
sometimes soils around this number are not susceptible and it becomes necessary to look at the
fines content and the plasticity index of the soil profile.
The fines content in the upper 30 ft is generally greater than 90%. However, in the sands
below 30 ft the average fines content varies from 5 to 10% in cleaner sand layers to 15 to 40% in
silty sand layers. Typical fines contents for each of the layers are summarized in
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Table 3.1-1. The plasticity index of the surface clay layer is typically between 40 and
50%, while the PI for the underlying silt layer is considerably lower at about 13%. The high
plasticity index values at depths above 30 ft indicate that the soil will not liquefy, consistent
with the Ic parameter. Unfortunately, Atterberg limits were not performed below 30 feet below
ground surface. However, the Ic values indicate that soil types should have a PI of less than 10
below about 30 feet. The potential for liquefaction will be discussed more in subsequent sections
of this thesis.
Table 3.1-1 Layer, Symbol, Unit Weight, Fines Content, Plasticity Index,
Undrained Shear Strength, Friction Angle and Relative Density
Layer
High Plasticity Clay
Silt to Silty Clay
Low Plasticity Silty Sand
Loose Sand
Dense Sand

Symbol
CH
(SM to CL)
(SP-SM)
(SP)
(SP)

γ
Fines
3
(lb/ft ) Content
110
100
105
90
110
40
115
15
125
10

PI
45
10
-

Su (t/ft2)
1.5
0.5
-

φ
29
33
40

Dr (%)
25
40
80

Undrained shear strength profiles are provided in Figure 3.2-2 from triaxial shear tests as
well as correlations from CPT and SPT. The undrained shear strength, su, of the upper 30 ft of
the profile was calculated using CPT data in the program CLiq with equation 3-7,
Su =

qt −σv

3-8

Nkt

where σv is the total vertical stress and Nkt is a paramter equal to 14. Race (2015) predicted the
undrained shear strength using empirical values for unconfined compressive strength (qu) based
on the corrected blow count (N) of a standard split spoon sampler modified from Vanikar (1986).
The undrained shear strength is taken as 1/2 of the unconfined compressive strength. The CPT
based strength profile and the results from the su correlations from the SPT blowcount from Race
(2015) are compared to the test results from the undrained unconsolidated triaxial test results
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performed by Race (2015) in Figure 3- 10. All three profiles show a similar pattern with higher
undrained shear strength near the surface that decreases with depth. This is likely a result of
dessication near the ground surface. The agreement between the undrained shear strength from
the CPT and measured shear strength is very good; however, the shear strength from the SPT
significantly overestimates the measured strengths until depths of about 20 feet. This suggests
that the SPT correlation with undrained shear strength is relatively poor, as might be expected.

Preliminary Pile Capacity Calculations
With the data that was gathered from the site characterization studies, three different
methods were used to calculate axial pile capacity. Two of the methods were performed with
CPT data, which are (1) the LCPC method developed by Bustamante and Gianeselli (1982) and
updated by Briaud and Tucker (1986), and (2) the Eslami and Fellenius method (1997). The
results of these methods were then compared to the methods recommended by FHWA, see
Hannigan et al. (2006) using basic soil properties such as friction angle and undrained cohesion.
As discussed subsequently, three test piles were ultimately installed at the site as
discussed in Chapter 4. The test piles were a 78-foot long, 18-inch diameter, closed end, pipe
pile, a 74-foot long, 18-inch by 18-inch square pre-stressed concrete pile, and a 92-foot long,
14x117 H-Pile. The steel pipe pile was subsequently filled with concrete. All piles were driven
until four feet remained above the surface.

3.2.1.1 FHWA Method
The FHWA method uses the undrained shear strength and Tomlinson α (alpha) method in
cohesive soils (Tomlinson 1957) and uses Nordland’s method based on friction angle, wall
friction, and pile displacement in the cohesionless soils. The Tomlinson alpha method in clay
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Figure 3.2-1 Plots showing profiles of cone tip resistance, SPT blow count, shear wave velocity, unit weight and the idealized
soil profile.
35

Figure 3.2-2 Plots showing profiles of ISBT parameter, fines content, undrained shear strength, and Atterberg limits, along with
the idealized soil profile.
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involves determining an adhesion factor, α, based on the undrained shear strength, su. This alpha
factor is then multiplied by the pile perimeter, the undrained shear strength, and the length of the
section of the pile being analyzed. The various increments of the pile are added up to determine
the total skin friction with the clay layers along the pile.
The end bearing is determined by multiplying the undrained shear strength of the soil at
the toe by an end bearing capacity factor Nc, which is based on the ratio of the length of the pile
to the base of the pile and will not exceed 9. It was 9 for all the piles as they were driven through
the clay layers.
The skin friction in cohesionless soils was determined by using the Norland method
(FHWA 2006). The equation used was the following
′
𝐐𝐐𝐬𝐬 = ∑𝐃𝐃
𝐳𝐳=𝟎𝟎[𝐊𝐊 𝛅𝛅 𝐂𝐂𝐟𝐟 𝛔𝛔𝐯𝐯 𝐬𝐬𝐬𝐬𝐬𝐬 𝛅𝛅 𝐂𝐂𝐝𝐝 𝚫𝚫𝚫𝚫]
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where 𝐾𝐾𝛿𝛿 is a factor that is based on the soil friction angle φ and the volume of soil displaced per
foot of driven pile, 𝐶𝐶𝑓𝑓 is a correction factor based on the soil friction angle φ and the friction

angle between the pile and the soil, δ. 𝜎𝜎𝑣𝑣′ is the vertical effective stress, Cd is the perimeter of the

pile and 𝛥𝛥𝛥𝛥 is the thickness of the layer of soil that is being evaluated.

The undrained shear strengths that were used were the strengths obtained from the

undrained unconsolidated triaxial tests (Race 2015). The unit weights that were used for the
FHWA method were the undisturbed unit weights obtained from samples for the clay layer (Race
2015) and the correlated unit weights for the sandy and silty sand layers (Race 2015). Friction
angles were used from the calculations performed by Race as well.
The end bearing was calculated using the smaller of the two values predicted by the
following two equations.
𝐐𝐐𝐩𝐩 = 𝛂𝛂𝐍𝐍𝐪𝐪′ 𝐀𝐀 𝐭𝐭 𝐩𝐩𝐭𝐭
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𝐐𝐐𝐩𝐩 = 𝐪𝐪𝐥𝐥 𝐀𝐀 𝐭𝐭

where α is a dimensionless factor dependent on the pile depth-width relationship, 𝑁𝑁𝑞𝑞′ is a bearing

capacity factor which is based on the soil friction angle φ near the pile toe, At is the pile toe area,
pt is the effective overburden pressure at the pile toe, and ql is the pile limiting capacity based on
the soil friction angle φ near the pile toe. The ultimate capacity of the pile is the sum of the skin
friction and the end bearing.

3.2.1.2 Eslami and Fellenius Method
The Eslami and Fellenius (1997) is a direct method of calculating shaft capacity and endbearing using direct correlation with the cone tip resistance. The cone tip resistance is first
transformed into the effective cone resistance qE by subtracting the pore pressures, u2, from the
total cone tip resistance, qt. The toe resistance is calculated by taking a geometric average of the
qE parameter over a zone extending from 8B above the toe when the pile goes from a weak soil
to a dense soil or 2B above the pile toe when going through a dense soil to a weak soil to 4B
below the toe of the pile. This results in the parameter qEg which is the geometric average of the
cone point resistance over the influence zone after correcting for pore pressure and adjustment to
effective stress. The value of qEg is then multiplied by the toe correlation coefficient, Ct, which is
1.0 to obtain the end-bearing pressure. Finally, the end-bearing pressure is multiplied by the area
of the pile base resulting in the end bearing force.
The skin friction in the Eslami and Fellenius (1997) method is calculated in a similar
manner. The effective cone resistance is calculated for each interval of cone data and multiplied
by Cs, which is the shaft correlation coefficient. This coefficient is based on the soil type. The
total skin friction force is then calculated by summing up the values of qE times Cs at each CPT
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interval, multiplied by the perimeter of the pile and pile length of the interval. For the H-Pile the
perimeter of the square the H-Pile would make if it was solid was used for calculating skin
friction assuming that the pile would plug during driving.
The CPT data collected before the design of the piles only extended down to 80 feet,
while the SPT data extended down to 100 feet. Due to the lack of data from the CPT, the average
of the last 6 feet of available data was taken and used for the parameters needed at depths greater
than 80 feet. The extrapolated parameters were cone tip resistance and pore pressure.

3.2.1.3 LCPC Method
Also known as the French method, the LCPC method (Bustamante and Gianeselli, 1982;
Briaud and Tucker, 1997) involves taking a mean of the tip resistance around the pile toe and
calculating an end-bearing resistance. The end bearing is calculated by taking an average of the
qc in a zone extending 4B above the pile toe and 4B below the pile toe. This is then multiplied by
an end bearing coefficient, kc. The end bearing coefficient is determined by the type of soil and
by pile type. This results in qp, which is the end bearing pressure. The end bearing force is
simply the end bearing press multiplied by the area of the pile toe.
Skin friction in the French method is calculated by taking the qc value at each CPT
reading and dividing it by an αLCPC (alpha) factor that is specific to the LCPC method. The αLCPC
is determined based on the soil that surrounds the pile at this depth, and the pile type, the
resulting value is fp. Maximum fp values are also found based on soil and pile type. These
maximum values can change drastically in clay soils surrounding piles if the pile is given time to
set up. Therefore, if test data is available, there is an exception written in the method that allows
the engineer to use the higher values of fpmax if test data is available. So, the skin friction of all
the piles was calculated two ways with the LCPC method, one with the lower fpmax in the clay
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layer and one with the higher fpmax in the clay layer. The lower fpmax is designated as LCPC
method low fpmax, and the higher fpmax value will be designated as LCPC method in the tables and
figures presented subsequently. To get skin friction as a load the fp value is multiplied by the
perimeter and length of the pile. Once again, the perimeter of the H-Pile used in calculation was
the perimeter of the square the H-Pile would make if it was solid assuming that the pile would
plug during driving. Also, values of cone tip resistance had to be extrapolated for depths greater
than 80 feet.

3.2.2

Pile Capacity Results
The first two figures (Figure 3.2-3 and Figure 3.2-4) compare the cumulative side friction

and the ultimate capacity versus depth. Each chart provides results comparing the three design
methods for one pile type. In contrast, the two subsequent figures (Figure 3.2-5 and Figure 3.2-6)
compare the side friction and ultimate capacity versus depth, however, each chart compares the
results for three different piles for one method.
When comparing the different methods for the same pile, shown in Figure 3.2-3, we see
that the predicted skin friction values are generally quite consistent for the different methods for
the pipe pile and the concrete square pile. The H-Pile also has similar predicted skin friction
values for the LCPC method and the Eslami and Fellenius methods. However, the FHWA
predicted skin friction value was much higher than the other two methods. This is probably due
to the su values being determined by undrained unconsolidated triaxial tests, the results of which
seemed high. The lowest value of side friction reported for every pile was the LCPC method
when the lowest design curve was used in the absence of test data. This result is expected, as the
lowest curve is meant to give conservative predictions in the face of uncertainty.
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The ultimate capacity versus depth curves predicted for each pile with different methods, are
shown in Figure 3.2-4. When end-bearing resistance is added to obtain the ultimate resistance
versus depth, the FHWA and the LCPC methods are generally close for all three test piles. In
contrast, the Eslami and Fellenius method predicts ultimate capacities that are much higher than
the other methods, due to the higher predicted end-bearing values. Even though the Eslami and
Fellenius method gave skin friction values that were similar to the other methods, the end
bearing values were so large, that the ultimate capacity predicted using this method is also quite
large. The FHWA method and the LCPC method give similar predicted ultimate capacities of the
piles and were within 50 kips of each other for the H-pile and the pipe pile. The LCPC method
with the conservative maximum skin friction once again predicted the smallest ultimate
capacities and was quite a bit smaller for the H-pile and the pipe pile than the other methods.
However, even though it was still the smallest, it was only 20 kips smaller than the FHWA
method for the concrete pile. Comparisons of the skin friction, end-bearing and total pile
capacities for each design method and each pile type are summarized in Table 3.2-1.

Table 3.2-1 Skin Friction, End Bearing, and Total Pile Capacity Computed
Using the FHWA Method, Eslami and Fellenius
Method, and LCPC Method
FHWA Method
End Bearing
258
85
77

Pipe Pile
Concrete Square Pile
H-Pile

Skin Friction
476
601
948

Pipe Pile
Concrete Square Pile
H-Pile

Eslami and Fellenius Method
Skin Friction
End Bearing
Total Pile Capacity
435
833
1268
505
932
1437
642
861
1503
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Total Pile Capacity
735
686
1025

Table 3.2-1 Continued
LCPC Method
End Bearing
349

Pipe Pile

Skin Friction
431

Total Pile Capacity
780

Low fpmax
Concrete Square Pile

200
447

349
406

549
852

Low fpmax
H-Pile

240
580

406
389

646
969

Low fpmax

225

389

613

The comparisons of the cumulative side friction for various piles for each design method
are shown in Figure 3.2-5, while comparisons of the total pile capacity for various piles for each
method are shown in Figure 3.2-6. For the FHWA method the curves are close for all pile types.
This makes sense as the methods do not vary according to pile type, if the H-pile is assumed to
plug, because the pile geometries are similar. The Eslami and Fellenius method also has little
variation between pile types, for the same reason, that is the method does not consider pile type.
It does consider the effective cone resistance, which is a function of the normalized cone tip
resistance adjusted for the pore pressure, which makes the pile capacities even more uniform.
The LCPC method has larger variation between piles, and this makes sense, because the LCPC
method does take into consideration the pile type as well as the method of installation.
The comparison of the total or ultimate capacity for various piles for a given design
method on one chart is provided in Figure 3.2-6. The FHWA method once again has ultimate
capacities that are very similar. Once again, the differences seem to only be geometry of the pile.
As the end bearing values were added with depth. The end bearing values for the H-Pile and the
concrete square pile are similar, while the pipe pile has a much larger value. This is because the
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Figure 3.2-3 Charts comparing cumulative skin friction resistance for each pile based on the three methods of calculation used.
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Figure 3.2-4 Charts comparing the ultimate capacity for each pile based on the three methods of calculation used.
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pipe pile terminates in a denser stratum of soil, according to the SPT data. The H-pile and
concrete square pile would both have much higher end bearing capacities if they ended at the
same depth as the pipe pile. This can be determined by subtracting the skin friction from the
ultimate capacity at that depth.
The Eslami and Fellenius method predicts very similar values for skin friction and for
end bearing capacity for the various piles. This occurs because the method does not explicitly
take the pile type into account, like the FHWA method. The end bearing capacities are very
similar in all cases. They are only based on the area of the pile and the surrounding soil 4B below
the pile and 8B above the pile. The geometric mean of the CPT cone tip resistance for the soil is
taken so the toe capacities become more uniform. The soil surrounding the tips of the concrete
pile and the pipe pile are similar, and the soil surrounding the H-pile tip is the extrapolation of
the soil surrounding the other piles, so there will be little variation from the soil type. Thus, the
main difference for ultimate capacity in this method would be the area of the pile toe.
The largest variation between piles comes from the LCPC method. Once again this is
because the LCPC method considers the pile type where the other methods do not. The H-pile
and the pipe pile are similar; however, the concrete pile is much different. This is because the
LCPC method has slightly different parameters for a concrete pile. This would make sense
because concrete is rougher and would have more friction generated between the pile and the
soil. The end bearing capacities of the piles are similar, and the primary difference between toe
capacity is due to the surface area. Because the soil effects are averaged out 4B above the pile
type and 4B below, the soil does not play a large factor in the different pile capacities.
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Figure 3.2-5 Charts comparing the expected side friction based on the LCPC method, the Eslami and Fellenius method, and
the FHWA method.
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Figure 3.2-6 Charts comparing expected ultimate capacity based on the LCPC method, the Eslami and Fellenius method, and
the FHWA method.
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3.2.3

Preliminary Liquefaction and Settlement Calculations
Liquefaction occurs when the excess pore pressure produced by earthquake shaking

equals the vertical effective stress. The progress towards liquefaction can be expressed using an
excess pore pressure ratio, Ru defined by the equation where Δu is the excess pore pressure
Ru =

Δu

3-12

σ′o

above the static water pressure and σ'o is the initial vertical effective stress prior to shaking. Ru
becomes equal to 1.0 when the soil liquefies. As described previously, liquefaction is known to
occur in sands and silty sands similar to those in the soil profile found at the TATS.
Liquefaction, and settlement from liquefaction cause significant damage during earthquakes.
Many engineers have developed methods to calculate the factor of safety against liquefaction, as
well as the amount of settlement. In this experiment, settlement due to liquefaction is important
to see downdrag loads form on the driven piles.
The factor-of-safety (FS) against liquefaction is defined by the equation
𝐅𝐅𝐅𝐅 =

𝐂𝐂𝐂𝐂𝐂𝐂 𝐌𝐌=𝟕𝟕.𝟓𝟓
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𝐂𝐂𝐂𝐂𝐂𝐂 𝐌𝐌=𝟕𝟕.𝟓𝟓

where CSR is the cyclic stress ratio or the average cyclic shear stress generated by an earthquake
and CRR is the cyclic resistance ratio, which is a measure of liquefaction resistance. It should be
noted that the 7.5 subscript means the calculations are performed for an earthquake with a
magnitude of 7.5. The soil is expected to liquefy when the factor of safety against liquefaction, is
less than one (Youd et. al. 2001).
Using the simplified method originally developed by Seed and Idriss (1971), the CSR is
typically computed using the equation
𝛕𝛕

𝐂𝐂𝐂𝐂𝐂𝐂 = 𝟎𝟎. 𝟔𝟔𝟔𝟔 ∗ 𝛔𝛔𝐚𝐚𝐚𝐚 = 𝟎𝟎. 𝟔𝟔𝟔𝟔 ∗ �
𝐯𝐯𝐯𝐯

𝐚𝐚𝐦𝐦𝐦𝐦𝐦𝐦
𝐠𝐠

𝛔𝛔

� ∗ �𝛔𝛔′𝐯𝐯𝐯𝐯 � ∗ 𝐫𝐫𝐝𝐝
𝐯𝐯𝐯𝐯
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where rd is the depth factor, amax is the peak horizontal acceleration at ground surface, g is the
acceleration of gravity, σvo is the total overburden stress, and σ′vo is the effective overburden

stress. CRR was computed using two methods. The first was a method presented by Idriss and
Boulanger (2010) in which CRR is given by the equation
(𝐍𝐍𝟏𝟏 )𝟔𝟔𝟔𝟔𝟔𝟔𝟔𝟔

𝐂𝐂𝐂𝐂𝐂𝐂 𝐌𝐌=𝟕𝟕.𝟓𝟓 = 𝐞𝐞𝐞𝐞𝐞𝐞 �

𝟏𝟏𝟏𝟏.𝟏𝟏

(𝐍𝐍𝟏𝟏 )𝟔𝟔𝟔𝟔𝟔𝟔𝟔𝟔 𝟐𝟐

+�

𝟏𝟏𝟏𝟏𝟏𝟏

(𝐍𝐍𝟏𝟏 )𝟔𝟔𝟔𝟔𝟔𝟔𝟔𝟔 𝟑𝟑

� −�

𝟐𝟐𝟐𝟐.𝟔𝟔

(𝐍𝐍𝟏𝟏 )𝟔𝟔𝟔𝟔𝟔𝟔𝟔𝟔 𝟒𝟒

� +�

𝟐𝟐𝟐𝟐.𝟒𝟒

� − 𝟐𝟐. 𝟖𝟖�

3-15

where (N1 )60cs is the SPT blow count normalized to an overburden pressure of 1 ton/ft2

(atmospheric pressure) and adjusted for a hammer energy of 60%, and to clean sand conditions.
The second method for computing CRR was originally developed by Robertson and
Wride (1998) and is based on the normalized cone tip resistance and is given by the equation
𝐐𝐐

𝟑𝟑

𝐭𝐭𝐭𝐭,𝐜𝐜𝐜𝐜
𝐂𝐂𝐂𝐂𝐂𝐂 𝐌𝐌=𝟕𝟕.𝟓𝟓 = 𝟎𝟎. 𝟖𝟖𝟖𝟖𝟖𝟖 ∗ � 𝟏𝟏𝟏𝟏𝟏𝟏𝟏𝟏
� + 𝟎𝟎. 𝟎𝟎𝟎𝟎
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where Qtn,cs is the normalized cone tip resistance adjusted for pore pressures and clean sand
conditions. The liquefaction analysis for the CPT results was performed using the computer
program CLiq developed by (Robertson and Cabal 2015).
The results of the liquefaction factor of safety calculations are presented in Figure 3.2-7.
In each method, the factor of safety against liquefaction was computed assuming a peak ground
acceleration of 0.64 g produced by a magnitude 7.5 earthquake. These seismic inputs were
chosen for this project based on the region’s past seismic history. The method proposed by Idriss
and Boulanger (2010) indicates that sand will liquefy from 35 to 55 feet, in a magnitude 7.5
earthquake. It is important to note, however, that these simplified procedures become less
applicable below depths of about 40 feet.
The Robertson and Wride (1998) method predicted consistent liquefaction from 30 feet to
50 feet, with a few thin layers where liquefaction would not occur. Generally, liquefaction is not
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predicted from 50 to 60 feet. The Robertson and Wride (1998) approach also suggests that
liquefaction may occur in small lenses from 20 feet to 30 feet, however, these are layers where
the soil exhibits claylike behavior and will not liquefy in the traditional sense because they are
too plastic. Therefore, based on the results from the two different methods it is expected that the
zone from 30 to 50 feet is susceptible to liquefaction for a large magnitude earthquake. It should
be noted; however, that the soil profile from 30 to 40 feet is a silty sand, so it is possible that
some of the soil at that depth range may not liquefy if the plasticity index of the fines is too high
and went undiscovered based on limitations of field and lab testing. It should also be noted that
these calculations are based on a 7.5 magnitude earthquake and explosives may not fully
simulate the effects of a large earthquake. As a result, the zone of liquefaction for the blast
testing contemplated in this study will likely be smaller than for an earthquake.
After calculating the liquefaction potential, the total settlement was calculated using a
method by Tokimatsu and Seed (1987) based on the SPT blow count and a method presented by
Zhang, Robertson, and Brachman (2002) based on CPT test results. These methods use
correlations to compute the post-liquefaction volumetric strain in each layer, εvi, and then the
total settlement, S, is summed up for the entire profile using the equation
𝐣𝐣
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𝐒𝐒 = ∑𝐢𝐢 𝛆𝛆𝐯𝐯𝐯𝐯 𝚫𝚫𝐳𝐳𝐢𝐢 𝐃𝐃𝐃𝐃𝐢𝐢

where Δz is the layer thickness, i is the layer being analyzed and j is the total number of layers.
In both these methods the settlement was reduced using a depth weighting factor, DF, proposed
by Cetin et al. (2009) shown in equation 3-16 where the depth weight factor is given by the
equation 3-17.
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Figure 3.2-7 Plots showing the factor of safety against liquefaction with depth for both the
SPT-based Idriss and Boulanger (2010) method and the CPT-based Robertson & Wride
(1998) method.
DF = 1 −

d

3-18
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where d is the depth below the ground surface in meters.
The total expected settlement for a moment magnitude 7.5 earthquake and a peak ground
acceleration of 0.64 g. was predicted to be about 7.1 inches using the SPT based approach while
the settlement calculated using the CPT data in the program CLiq with the same seismic
parameters was 7.5 inches. Assuming a liquefied layer thickness of about 20 feet, this amounts to
an average volumetric strain of approximately 3%.
Once again, these calculations were made assuming a magnitude 7.5 earthquake with a
peak ground acceleration of 0.64g. Explosives, however, do not necessarily reproduce an
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earthquake of this magnitude and may not liquefy the same volume of soil that an earthquake
would liquefy depending on the charge weight and charge location.

3.2.4

Preliminary Blasting and Blasting Calculations
A preliminary blast experiment was performed at the Turrel Arkansas Test Site in May of

2015 to determine how susceptible the soils would be to liquefaction during blasting.
Unfortunately, the test blast area was located some distance away from where the full-scale
blasting testing around the piles later took place and CPTs in this area indicated that the sand was
significantly denser than the sand in the final test area. A total of 12 pore pressure transducers
embedded into cone tips were installed at depths of 25, 31, 37, 43, 49, 59, and 67 and 79 ft at the
center of the test area to monitor the generation and dissipation of excess pore pressures. Because
of the density of the sand below about 43 feet it was often necessary to hammer the cone tips into
the ground.
A total of 16 charges were placed in 8 blast holes located around the periphery of a circle
of with an approximate radius of 26.5 feet (8.07 meters). In each blast hole, there were two
decks of explosives, one at a depth of 38.1 feet (11.6 meters), and one at a depth of 47.9 feet
(14.6 meters). The weight of each blast charge was 2 pounds. The blasts were detonated one at a
time around the bottom ring with a delay of 500 milliseconds followed by sequential detonation
of the charges in the upper ring. Three of the upper charges failed to detonate.
Excess pore pressure generation was minimal in the cohesive layers above 30 ft and in
layers below 50 feet as anticipated. However, within the target zone from 30 to 50 ft,
liquefaction (Ru = excess pore pressure ratio = ∆u/σ’o = 1.0) was only achieved at a depth of 37.1
feet (11.3 meters). Excess pore pressure ratios of 45 and 30%, were achieved at depths of 31 and
43 feet, respectively.
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To produce a thicker zone of liquefaction at the site, a correlation equation developed by
Eller (2011) was used to predict the excess pore pressure ratio (Ru) as a function of charge
weight, SPT blowcount and vertical effective stress. According to Eller (2011), Ru can be
computed using the equation
R umultipe

log

R

= 1.747 − 0.512 ln �W0.33 � − 0.032(N1 )60 − 0.002σ′vo (kpa)
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where R is the distance from the charge to the point of interest in m, W is the sum of all the
charge weights in kg, (N1)60 is the normalized SPT blowcount defined previously, and σ’vo is the
initial vertical effective stress at the depth of interest in kPa. Based on equation 3-18 and a radius
of the blast charges of 6.5 meters, two blast charges totaling 6.5 pounds (3 kg) in each blast hole,
for a total weight of 52 pounds (23.6 kg) would be needed to create an Ru of 1.0 for a blowcount
of 8 at a vertical effective stress of 100 kPa (a depth of 35 feet). Ru versus scaled distance is
shown in Figure 3.2-8.
Unfortunately, 6.5 pounds of explosives per charge is so large that concerns about soil
heaving, damage to pore pressure transducers, and damage to pile strain gauges become
concerns. As a compromise, a charge weight of 4.5 pounds per blast was chosen (2.04 kg) and
then analyzed as a maximum charge size that would not likely cause heave or instrumentation
damage, based on past experience. Using equation 3-16 again an excess pore pressure versus
depth profile was developed using a charge weight of 4.5 pounds (2.05 kg) at distance of 6.5
meters from the explosive to the piezometer, and correlated N values from CPT qc based on a
correlation by Robertson and Cabal (2015) see Figure 3.2-9.
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Figure 3.2-8 The scaled distance versus residual pore water pressure.

Figure 3.2-9 Correlation between Soil type, mean particle size and the ratio (qc/pa)/N60, see
Robertson and Cabal (2015).
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Figure 3.2-10 provides a plot of the predicted Ru versus depth profile for the 4.5 lb charge
case. The predicted excess pore ratios are greater than 0.9 from 30 to 40 feet (9.1 to 12.2 meters).
These values are not quite 1.0 however the soil has essentially liquefied for practical purposes at
values greater than about 0.8. Below 40 feet, the Ru values drop below 0.8 and do not surpass
this value again. The decrease in Ru with depth is a result of the combination of increased
vertical stress, increased soil penetration resistance and increased distance from the blast charge
with depth.

Figure 3.2-10 Cone tip resistance, soil behavior type Ic, and predicted excess pore pressure.
Preliminary Pile Downdrag Calculations Following Blast Liquefaction

55

The goal of this experiment is to measure the load in the piles and resulting pile
settlement after blast induced liquefaction. Total settlement was predicted to be about 7.5 inches
in section 3.2; however, if it is only possible to liquefy the zone from 30 to 40 feet for blast
induced liquefaction, the settlement should only be about 3 inches. This was determined by
summing the settlements calculated for a M7.5 earthquake from 30 to 40 feet only and assuming
settlement will not take place anywhere else in the soil profile during blasting. Using the three
design approaches (the method used for the LCPC method was the one that used the higher fpmax
values) to compute side friction and end-bearing in test piles described previously, along with
predicted soil settlement, an iterative approach was employed to predict pile load distribution and
pile settlement prior to the testing. The steps in the procedure are as follows:
1. Compute a soil settlement profile in the liquefied zone (30 to 40 ft)
2. Assume a neutral plane location
3. Compute load distribution in the pile assuming negative skin friction above the
neutral plane and positive skin friction below the neutral plane. (Note: Skin
friction in the liquefied zone was assumed to be equal to 50% of the preliquefaction design value.)
4. Determine the end-bearing resistance, Qp required to produce static equilibrium
5. Determine the settlement at the toe of the pile
6. Use Q-z curves proposed by O’Neil and Reese (1999) as shown in Figure 3.2-11
to determine if mobilized Qp is compatible with settlement.
7. Revise the location of the neutral plane and repeat the process until the required
Qp is compatible with the settlement necessary to mobilize Qp

56

The results of the calculations are presented in Figure 3.2-12, Figure 3.2-13, and Figure
3.2-14. Soil settlement and pile capacity prediction calculations were described in previous
sections of this report. Liquefaction-induced soil settlement is assumed to increase linearly
within the layer from 30 to 40 ft. and the overlying clay layers are assumed to settle with the
underlying sand. Applied axial load was assumed to be 200 kips. Ultimately the load applied to
the pile was only 120 kips, which according to these predictions would results in zero settlement.
The results of the analysis for the pipe pile in Figure 3.2-12 show negative friction
developing from the top of the pile to nearly the bottom of the liquefied zone. The LCPC and the
Eslami and Fellenius methods predict end-bearing resistances of 120 to 80 kips, respectively.
The FHWA method predicted that the mobilized negative skin friction would not be enough to
mobilize end bearing and settlement. Maximum load in the pile varied from 280 to 360 kips.
The predicted pile settlement for each method was only about a tenth of an inch.
The concrete square pile results are shown in Figure 3.2-13. Once again, negative skin
friction develops from the ground surface to near the bottom of the liquefied layer. Maximum
axial force in the pile is predicted to reach between 320 to 450 kips. Neither of these capacities
come close to failing the pile. Both the LCPC and Eslami and Fellenius methods predicted the
development end bearing. The settlement of the pile predicted using the Eslami and Fellenius
method was about 0.1 inch, and the settlement with the LCPC method was about 0.4 inch.
However, the FHWA method predicted no pile settlement.
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Figure 3.2-11 Normalized end-bearing versus normalized settlement for cohesionless soil
Results for the H-Pile, shown in Figure 3.2-14, indicate that no design method predicted
mobilized end bearing or pile settlement for any of the three methods. This is due to the length of
the H-pile. There is so much length below the neutral plane that the pile comes into equilibrium
for all three methods before end bearing is mobilized. Nevertheless, the maximum axial force is
predicted to be between 320 and 370 kips. It is also important to note that the expected
settlement of the piles relative to the soil is very small even for the cases where end bearing was
predicted to be mobilized. Also, the FHWA method did not predict pile settlement for any of the
piles. This is most likely due to the larger skin friction values predicted.

58

Neutral plane
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Figure 3.2-12 Plots showing the neutral plane calculations using the three pile capacity prediction methods (Pipe Pile).
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Figure 3.2-13 Plots showing the neutral plane calculations using the three pile capacity prediction methods (concrete pile).
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Figure 3.2-14 Plots showing the neutral plane calculations using the three pile capacity prediction methods (H pile).
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4

AFT CELL-TEST, STATIC LOAD TEST, AND PILE DRIVING ANALYSIS,
AND TEST LAYOUT

Overview
This chapter describes the layout of the test foundations and the instrumentation involved
for both the static pile load testing and the subsequent blast liquefaction testing. Prior to
blasting, axial pile capacity was evaluated using three techniques. First, during pile driving a
Pile Driving Analyzer or PDA was used to evaluate pile capacity along with a CAPWAP
analysis technique. Secondly, sacrificial bi-direction load cells (AFT cells) were placed at depth
in two test piles and inflated so that skin friction on the top part of the pile could be reacted
against side friction and end-bearing on the bottom part of the pile. Finally, dead weights were
stacked on top of three test piles to partially develop the axial capacity of the piles. After the
three test piles were loaded with dead weights, controlled blasting was carried out to liquefy a
layer of soil along the test piles so that the resulting pile load distribution and pile settlement
could be evaluated relative to the soil settlement. The results from the blast liquefaction testing
will be presented in chapter 5.

Test Layout
The testing of the driven piles took place at an interchange where Interstate 555 crosses
interstate 55 as shown previously in Figure 3.4-1. As shown in Figure 4.2-1, five test piles were
driven near the three drilled shafts that were previously constructed as a part of another
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experiment (Race 2015). During the blast testing, blast holes were placed around a pile and a
shaft thereby reducing the number of blasts from six to three making instrumentation easier.
Companion concrete and pipe piles, driven 55 feet to the northeast of the test piles used in the
blast tests, were used to perform AFT cell tests without disturbing the test piles that would
subsequently be used in the blast liquefaction tests.

Figure 4.2-1 Approximate locations of the driven piles and drilled shafts at the Turrell
Arkansas Test Site.
Test Pile Cross Sections and Instrumentation
As illustrated in Figure 4.2-1, there were three piles tested by blast induced liquefaction and two
piles tested with AFT cells. Test piles consisted of two companion 18-inch diameter closed end
steel pipe piles, one 14x117 H-Pile, and two companion 18-inch by 18-inch square pre-stressed
concrete piles. Cross-sections showing dimension for the pipe piles and the H pile are provided
in Figure 4.3-1 while a cross-section for the concrete piles is provided in Figure 4.3-2. One of
the pipe piles and one of the concete square piles was fitted with an AFT Cell.
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Figure 4.3-1 Cross sections for the 18-inch diameter pipe pile and the HP14x117 H-pile.
The two 78-foot long steel pipe piles were instrumented with strain gages and driven until
four feet of the pile remained above the surface. One pipe pile was driven in two sections to
install an AFT cell. It was initially driven to a depth of 30 feet, attachments were made to help
install the AFT cell, and then it was driven to a final depth of 74 ft. Both pipe piles were fitted
with strain gauges at depths of 2, 10, 17, 25.5, 29, 38, 41.5, 45, 51.5, 58, 66 and 74 feet below
the ground surface. The strain gauges were attached to sister bars, which were zip-tied to 1-inch
PVC pipe and lowered into the pile as shown in Figure 4.3-1. The piles were then backfilled with
concrete, which had a compressive strength of 8000 psi and a slump of 3.5 inches. The AFT-Cell
pipe pile was independently connected to the top and bottom pile sections by four rectangular
pieces of steel about 2 inches thick, 4 inches wide and 8 inches long welded to the inside of the
pipe. This was to support the AFT-Cell as it sat within the pile.
The 92-ft long H-Pile was pre-fabricated into two 46-foot long sections so it could be
transported on a semi-truck. The strain gauges were installed on site to be located at depths of
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20, 29, 36, 40, 45, 51, 59, 66, 76, and 88 feet below the ground surface after driving the pile to a
depth of 88 ft. The strain gauges were fastened with a bolt to metal pieces that were tac welded
to the H-Pile flange. The gauges were then covered by an angle section that was welded to the
flange as shown in Figure 4.3-1. This was done to protect the strain gauges during driving.
The 74-foot long square pre-stressed concrete piles were made with 0.5 inch 270 ksi low
lax 7-wire pre-stressing strand as shown in Figure 4.3-2. They were each instrumented with
strain gauges starting at 4 (ground level), 12, 20, 26.5, 33, 39.5, 46, 52.5, 60.5, 65.5, and 72 feet
below the top of the pile. The strain gauges were attached to sister bars, which were tied to the
pre-tensioned cables using rebar tie wire. The slump of the concrete was measured twice. The
average slump of the concrete was 6 inches. The concrete had an average compressive strength
of about 8000 psi (55.2 MPa).

Figure 4.3-2 Cross section of the pre-stressed concrete square pile.
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Load Testing to Evaluate Static Capacity Prior to Blasting
As indicated in Chapter 3, there is significant variation in predicted pile capacity using
static equations. To provide better understanding of the static axial pile capacity for each test
pile, three different tests were employed prior to blast liquefaction. First, PDA measurements
were made on five of the driven piles and CAPWAP analyses were performed to estimate side
resistance and end-bearing. Secondly, after driving, Osterberg type load tests were performed on
one pre-stressed concrete pile and one pipe pile driven near the test piles used in the blast as
indicated in Figure 4.2-1. Finally, dead weights were placed on top of each test pile immediately
prior to blast testing.
A pile driving analysis predicts the capacity of a driven pile by measuring the response
of the pile head for each hammer blow and then back-calculating the side resistance and endbearing resistance of the pile using equations developed by Goble et al. (1975). This impact is
measured by sensors that record strain and acceleration near the pile head during driving and are
shown in Figure 4.4-1. The measured parameters are then converted to force and velocity using a
PDA data acquisition system shown in Figure 4.4-2. Measured force and velocity time histories
are then compared with computed time histories using the program CAPWAP to better
determine the distribution of side friction and end-bearing for the driven pile.
This experiment had a total of five test piles that were driven into the ground. All of them
had analysis performed at the End of Initial Driving (EOID). Two of them, the pipe pile that was
tested with blasting and the concrete pile that contained an AFT cell, had restrikes performed on
them, to see what the capacity of the pile would be after the soil had time to set up. Ideally,
restrike analysis would have been performed for all test piles but the pile driving equipment had
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to move onto another project. The decisions regarding which piles to perform restrikes on was at
the discretion of the field engineer.

Figure 4.4-1 Accelerometer and strain gauges connected to the top of a pipe pile at the end
of driving in connection with PDA measurements.

Figure 4.4-2 Pile Driving Analyzer device.
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The piles were driven into the ground with an ICE Model I-30V2 single-acting diesel pile
hammer with specifications shown in Figure 4.4-3. The stroke height of the hammer was
adjusted as it passed through the different layers of soil to increase effiency. A cushion was built
and placed between the hammer and the pile to soften impact and to prevent damage to the pile.

Figure 4.4-3 Cross section, plan view and specifications on the hammer used.
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The load cells for the Osterberg type load tests were manufactured by Applied
Foundation Testing and will be referred to as AFT cells in this thesis. In the AFT tests, a bidirectional hydraulic jack in the cell loads the pile evenly above and below the cell. The jack was
inserted into the pre-stressed concrete pile during construction as shown in the photo in Figure
4.4-4. It was placed at 42.5 feet from the top of the pile or 38.6 feet below the ground surface as
shown in Figure 4.4-5. The AFT Cell in the pipe pile was placed at a distance of 42 feet from the
top of the pile (38 feet below ground) and 36 above the toe of the pile.

Figure 4.4-4 Photo of the AFT cell installed in the pre-stressed concrete pile.
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Figure 4.4-5 Drawing showing the location of the Osterberg (AFT) Cell in the pre-stressed
concrete pile.
Finally, dead weights were applied to the test piles immediately prior to blasting to
provide some idea of the side resistance in the top section of the piles as illustrated in Figure
4.4-6. This approach simulates a static load test is some respects, but the loads were too small to
reach ultimate capacity. The loads were designed to simulate a static load that might be in place
on the piles prior to an earthquake event which caused liquefaction. To support the load, a
circular pile helmet cap was placed on top of the pile protruding from the ground. A six foot by
six foot by two-inch thick metal plate was then welded on top of the pile cap. Then steel weights
consisting of H-Pile blanks, weighing 12.58 kips each, were placed on top of the metal plate in
three rows. Each row had three blanks for a total of nine blanks and a total load of 118.26 kips,
including the helmet and plate which weighed 5 kips. A schematic plan view drawing is shown
in Figure 4.4-7. The blanks were added to the pile one at a time with an approximate 5-minute
time interval between each one. A photo of the pile cap with all the blanks loaded is shown in
Figure 4.4-8. Considerable effort was expended to ensure that the weights were centered on the
test pile.
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Figure 4.4-6 Schematic elevation view of the static loading of the test piles (Not to scale).

Figure 4.4-7 Schematic Plan view of the static loading of the test pile (not to scale).
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Figure 4.4-8 Photo of the loading configuration completed.

Results of the CAPWAP Analysis
All five piles driven as part of this experiment had PDA instrumentation attached to them
during driving, and all of them had CAPWAP analysis thereafter. The H-pile was subject to an
End of Initial Driving (EOID) analysis, but not a restrike. The pipe pile used for blasting was
subject to an EOID analysis as well as a restrike while the pipe pile with the AFT-Cell was
subject to an EOID analysis. The 18-inch square concrete pile was subject to an EOID analysis
and the 18-inch AFT-Cell concrete pile was subject to an EOID analysis and a restrike. Both
restrikes were performed 24 hours after initial driving and were performed to assess strength gain
strength with time. The majority of the strength gain typically takes place in the clay layer and
can be substantial. Some strength gain can also occur in the sandy layers, but it is less likely to
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be significant. The shaft resistance, toe resistance and total pile capacity for each pile based on
the CAPWAP analyses are summarized in Table 4.5-1.
Table 4.5-1 Pile, Pile Shaft, Toe and Total Capacity
Pile
HP 14x117
18 Inch Pipe Pile EOID
18 Inch Pipe Pile Restrike
18 inch AFT-Cell Pipe Pile EOID
18 inch Concrete Pile EOID
18 inch AFT-Cell Concrete Pile EOID
18 inch AFT-Cell Concrete Pile Restrike

CAPWAP Capacity (kips)
Shaft
Toe
Total
187
30
217
152
305
457
327
256
583
87
285
372
228
236
464
213
245
458
480
268
748

The shaft capacity of the H-pile for EOID conditions was 187 kips and the total capacity
was 217 kips. Based on what we know from the results of the other piles the shaft capacity of
187 kips seems reasonable, however, the end bearing was only 30 kips which seems
unreasonably low. FHWA (2016) design guidance indicates that H piles often remain unplugged
during driving but subsequently plugs after pile set-up. This means that an H pile will have a
higher end bearing capacity after it has been driven and set up. During driving end-bearing
would only be developed on the relatively small cross-section of the steel.
Intuitively, 30 kips seems small when compared to the capacities of the pipe pile and the
concrete pile. The recorded blow count during driving at the bottom of the H-Pile was
approximately 62. In contrast, the blow counts for the pipe pile and the concrete pile were 28 and
38, respectively which represents a resistance per blow of 7.4 kips and 8.9 kips, respectively. If
the end-bearing resistance for the H pile was proportional to the blow count, it would be about 16
kips per blow. Because the area of the H-pile was one tenth of the other piles, the end-bearing
resistance would be 16 kips/blow divided by 10. This would yield an end-bearing resistance of
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about 99 kips. The pile capacity provided by end-bearing and side resistance for the H-pile at
EOID conditions is plotted as a function of depth in Figure 4.5-1. In addition, an estimate of the
end-bearing resistance after re-strike is presented based on previous discussion. Increases in side
resistance have been neglected because an H-pile is a low-displacement pile and should produce
therefore develop less set-up.

Figure 4.5-1 Pile capacity versus depth curves for the H-Pile from CAPWAP analysis.
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The shaft capacity of the pipe pile for EOID was 152 kips, the toe capacity was 305 kips,
and the total capacity was 457 kips. The restrike was performed the following day,
approximately 24 hours after initial driving. The shaft, toe and total capacities were 327, 256 and
583 kips, respectively. The increase in axial capacity was primarily a result of increased shaft
capacity, which increased by 115%. The EOID analysis for the AFT-Cell pipe pile gave a shaft
capacity of 87 kips, a toe capacity of 285 kips and a total capacity of 372 kips. While the endbearing resistance is similar to the other pipe pile, the side resistance is somewhat lower. These
discrepancies might be expected because the piles were driven in different locations and the pile
was installed in two separate pieces with a discontinuity in the middle. The PDA instrumentation
had to be removed from the bottom piece of the pile and moved to the upper piece after attaching
the two pieces together. Because of the discontinuity in the pile, stress waves may have been
distorted. For these reasons, the predicted capacity was likely lower than it was. For these
reasons, the results from the pile used in the blast test appears to be most representative. The
end-bearing and side resistance versus depth curves for the pipe piles obtained from EOID and
restrike are shown in Figure 4.5-2.
The end-bearing and side resistance versus depth curves for the concrete piles obtained
from EOID and restrike are shown in Figure 4.5-3. The square concrete pile used for blasting had
a shaft capacity of 228 kips, a toe capacity of 236 kips and a total capacity of 464 kips. This was
very similar to the concrete AFT-Cell pile, which had a shaft, toe and, total capacity of 213 kips,
245 kips and 458 kips, respectively. The restrike performed on the latter of the two piles had a
total capacity of 748 kips. The pile capacity is higher due to higher side resistance, which
increased by about 125%, similar to that for the H pile. The restrike was performed
approximately 24 hours after initial driving.
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Figure 4.5-2 Pile capacity versus depth curves for the pipe piles from CAPWAP analysis.
The concern with the concrete AFT-Cell is that while driving the top eighteen inches of
the pile were damaged and broke off the top. In addition, it was necessary to drill holes into the
pile and use an acetylene torch to cut the pre-tensioned cables at the location of the AFT-Cell so
that it could expand and function without issue. This caused significant drying of the concrete
and as a result cracking. Cracking does affect the capacity of the pile, so the AFT-Cell CAPWAP
analysis is not as reliable, although it is comparable. For these reasons, the EOID results from the
test pile used in the blast test is considered the most representative and will be used in
subsequent analyses.
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Figure 4.5-3 Pile capacity versus depth for the concrete piles from CAPWAP analysis.
Figure 4.5-4 provides plots of the cumulative skin friction versus depth curves for each of
the piles based on CAPWAP analyses. This chart makes it possible to compare the different
values of skin friction calculated from the different piles to determine if the results are consistent
and reasonable. The H pile yields the lowest skin friction except for the AFT Cell pipe pile
which is suspiciously low, as discussed previously. This makes sense because it has the smallest
perimeter when based on the rectangular perimeter, and the soil-steel interface friction should be
lower, therefore it should develop the least amount of resistance per unit length. The pipe pile
has the second largest diameter, and is also made of steel, thus it should develop more resistance
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per unit length, than the H-Pile, but less than the concrete square pile. This is indeed the case.
The concrete square pile developed the greatest skin friction. It also has the largest perimeter
and because it is concrete it should develop more load per unit length than a steel pile.
However, in both piles where restrikes were performed, the shaft capacity more than doubled. In
the pipe pile, it went from 152 kips to 327 kips growing by 115%. The shaft capacity of the
AFT-Cell Concrete Pile went from 213 kips to 480 kips growing by 125%.

Figure 4.5-4 Load in the pile versus depth for all the piles.
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AFT Cell Test Results
The AFT bi-directional hydraulic jacks were expanded until the piles were loaded to 176
kips for the concrete pile and 160 kips for the pipe pile. These load values were relatively low
considering the capacity of the piles from the re-strikes and from preliminary static capacity
equations. The low load values were due to the fact that the AFT load cells had a capacity of
only 200 kips. Furthermore, because the AFT cells were placed at relatively shallow depths, the
piles failed in skin friction in the upward direction and weren’t able to mobilize all the side
resistance and end bearing of the lower portion.
Load versus depth plots are important in this experiment because they make it possible to
determine the side friction prior to liquefaction. The values after liquefaction can then be
compared with the values prior to liquefaction. Load in the pile, P, was computed from the strain
gauge data at each depth using the equation
4-1

P = εEs A

where ε is the average strain, Es is the secant modulus, or the modulus of elasticity of the pile,
and A is the cross-sectional area of the pile. Average strain was found at each individual depth
by taking the average of the strain of the two strain gauges located at that depth. When a strain
gauge was damaged, then the value from the one strain gauge was used, if both were damaged or
malfunctioning, then the depth was skipped.
The steel piles have a constant modulus of elasticity, however for concrete this is not the
case. The elastic modulus for a concrete pile tends to decrease with increasing load. The
difference in initial and final modulus can be large, so it is important that it is correctly
represented. However, to correct this modulus in the driven piles, more information would be
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needed than what was available, so in this report the modulus of concrete was calculated using
the equation
4-2

𝐄𝐄 = 𝟓𝟓𝟓𝟓, 𝟎𝟎𝟎𝟎𝟎𝟎 ∗ �(𝐟𝐟𝐜𝐜′ )

where f'c is the unconfined compressive strength of the concrete. The compressive strength was
found by performing compressive strength tests on concrete cylinders. The strain gauges in the
pipe pile were embedded in the concrete grout used to fill the pipe piles. Thus, the modulus of
elasticity of the pipe pile was calculated using a combined modulus of the concrete and steel
sections of their respective piles. The modulus of the concrete was calculated using the equation
4.2 and the modulus of steel was assumed to be 29,000 ksi. Then a weighted average was taken
based on the cross-sectional area of each material.
Plots showing the load in the pile interpreted from the strain gauges during the AFT cell
tests for the pipe pile and the concrete pile are found in Figure 4.6-1 and Figure 4.6-2,
respectively. The maximum load in the pile occurs at the point where the AFT cell is located,
and could be as high as the maximum cell capacity of 200 kips. The max load in the pipe pile
was about 160 kips and the max load in the square concrete pile was about 176 kips. The load
cell never quite made it to 200 kips, this is most likely due to the pile failing upward in skin
friction.
The difference in load between the two strain gauges indicates the incremental skin
friction for that section of the pile. The load at the ground surface was assumed be zero, and the
load at the pile toe was determined by extrapolating the skin friction from the previous two strain
gauges and cutting it off at the pile tip. End bearing was mobilized in both tests but was only
about 15 kips for the concrete pile and 30 kips for the pipe pile. Such small amounts of
mobilized end bearing didn’t cause the base of the pile to settle a significant amount.
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Figure 4.6-1 Load versus depth curve for the AFT cell test performed on the pipe pile.
A comparison of the CAPWAP data is made with the AFT Cell data for the pipe pile and
the concrete is shown in Figures 4.6-3 and 4.6-4, respectively. This makes it possible to
determine if the results are comparable to what was seen with the CAPWAP data and paints a
better picture of what the actual pile capacity should be. The comparison charts were made by
taking the 118-kip load that would be placed on the pile prior to blasting and then subtracting the
side resistance measured by each test, respectively. This procedure was followed for both the
concrete and pipe piles.
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Figure 4.6-2 Load versus depth curve for the AFT cell test performed on the concrete pile.
As shown in Figure 4.5-3, the AFT Cell load test results for the pipe pile agree well with
the test results from the PDA and subsequent CAPWAP analysis for the restrike test. Except for
the first two feet, the slopes of the two curves are quite similar. However, the pile test with the
AFT cell sheds load due to skin friction faster for any of the EOID test results. This could be
explained by the soil gaining strength in the clay layers with time because the AFT Cell test was
performed several weeks after pile driving.

82

Figure 4.6-3 Load in the pile versus depth comparing the results of the PDA to the AFT
Cell test for the pipe pile.
As shown Figure 4.6-4, the AFT Cell test results for the concrete pile agree well with the
results obtained from the CAPWAP analysis. It is particularly close to the EOID analysis
performed on the concrete square pile used in the blast test, which suggests that the load
distribution is realistic.
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Figure 4.6-4 Load felt in the pile versus depth comparing the results of the PDA to the AFT
Cell test for the pipe pile.

Results from the Static Load Testing
Pile head load versus deflection curves from all three static load tests are shown in Figure
4.6-1. All three piles were loaded to 118.5 kips using the steel blanks as discussed previously.
Applied pile head load was based on the weight of each steel blank and the helmet, while pile
head settlement was measured using laser level readings. The purpose of the loading was not to
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fail the pile, but to measure the side resistance that developed as the pile was loaded, and to have
weight on the pile to simulate structural load during blast induced liquefaction. The displacement
of the H-Pile was one tenth of an inch while the displacements of the pipe and concrete square
piles were less than 0.05 inches, which is negligible. Due to the settlement of the H-Pile it was
possible to fully mobilize skin friction and even mobilize some of its end bearing as shown
subsequently. Higher settlement for the H-pile is consistent with the lower capacity of the H-pile
estimated from the PDA testing as shown in Figure 4.5-4.

Figure 4.7-1 Pile head load versus deflection curves for each test pile during the static load
testing.
The load in the pile before blasting is essential as it will allow us to determine how much
the load changed in the liquefied zone after blasting. The load in the H-Pile versus depth from
the strain gauge data is presented in Figure 4.7-2, along with the load expected in the pile when
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taking the total load of 118 kips and subtracting the side friction predicted from the CAPWAP
analysis. Comparing these two load versus depth profiles, it can be seen that they are generally
quite similar.

Figure 4.7-2 Load in the pile versus depth in the H-Pile.
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Based on the static load test, the skin friction was fully mobilized by the adding of the
dead weight. However, based on the CAPWAP analysis skin friction wasn’t completely
mobilized near the bottom of the pile and end bearing wasn’t mobilized at all.
Figure 4.7-3 compares the load versus depth in the pile after application of the static load,
with all three CAPWAP analyses performed on pipe piles subtracted from the total load on the
pile. This makes it possible to compare various test results and determine what the load is most
likely to be prior to blasting.

Figure 4.7-3 Load in the pile versus depth for the Pipe Pile.
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The load in the pile interpreted from the strain gauges during the static load test generally
falls between the CAPWAP results for the EOID and restrike conditions. The load curve from
the static load is closer to the restrike curve from CAPWAP in the upper 20 feet of the profile
which is composed of clay and would be expected to gain strain with time after pile driving. In
the deeper portion of the profile where the soil is primarily sandy, the load curve from the static
tests more closely follows the CAPWAP EOID curve. The EOID performed on the pipe pile
with the AFT cell shows lower side friction and indicates that end bearing was mobilized, but
this isn’t reliable as discussed previously. These results suggest that the actual load the pile is
feeling is similar to what was obtained from the CAPWAP analyses and this is what will be used
later in this document.
Unfortunately, the data collected from the strain gauges in the square concrete pile after
loading were unreliable or inoperable and therefore provide little guidance. Nevertheless, Figure
4.7-4 compares the results of the three CAPWAP analyses. Based on these results we can expect
that the side resistance on the pile increased with time because the load is shed faster when the
restrike data is analyzed. We expected the actual load in the pile to be similar to that obtained
from the AFT-Cell restrike pile and the EOID of the concrete square pile later used in the blast
test.
A plan view drawing of the drilled shafts, driven piles, and the blast rings surrounding
them is shown in Figure 4.8-1. Each of the blast circles has a radius of 8 m (26.5 ft) and shares
blast holes with the adjacent circles. This is in order to reduce the number of blast holes per pile.
The blast circles were detonated two at a time with a figure 8 sequence starting with the northern
pair of piles and drilled shafts. Once blast charges in the top (northern) two rings were detonated,
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the instrumentation for the first pile and drilled shaft was disconnected. Then the instrumentation
for the next pile and drilled shaft was connected and so forth until all the rings were detonated.

Figure 4.7-4 Load in the pile versus depth in the Concrete Pile.
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Layout and Instrumentation of Blast Tests

Figure 4.8-1 Plan view showing the overall layout of the blast rings, drilled shafts and
driven piles.
A plan view drawing of the test piles, blast holes, and instrumentation around a drilled
shaft and driven pile for a typical blast test is presented in Figure 4.7-2. In addition, a profile
view of a single pile/drilled shaft within a single blast circle with parts of the adjacent circles is
shown in Figure 4.8-3.
Each blast ring typically consists of eight blast holes, eight pore pressure transducers, a
line of wooden survey stakes and a Sondex profilometer tube. Up to eight pore pressure
transducers (PPTs) were located around a ring approximately two meters away from the center of
the test foundation and about six meters inside the blast ring. The pore pressure transducers were
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used to measure the generation and dissipation of pore pressure in the soil during blasting and to
determine the maximum excess pore pressure ratio produced by the blast. The transducers could
measure excess pore pressure with an accuracy of 0.1 psi but had a maximum range of 1000 psi
and could survive a transient pressure of 3000 psi. Target depths for the transducers were 30, 33,
36, 39, 42, 46, 56 and 62 feet below the ground surface around both the drilled shaft and the
driven pile. These depths were selected so the majority of the transducers were in or around the
suspected liquefied zone (30-40 feet), and the rest were spread out to a depth of 60 feet to
monitor possible liquefaction at larger depths.
The transducers were installed by drilling a hole filled with drilling mud to a depth about
1 feet above the target depth for the transducer. The transducers, which were mounted in a nylon
cone, were then pushed a distance of one foot into the sand. A wire rope was attached to the
cone housing so that it could be retrieved after a test blast, re-saturated, and re-installed for a
subsequent blast test. Pore pressure data was recorded by a computer data acquisition system at
a sampling rate of 20 samples per second.
The wooden survey stakes were used to measure the total settlement at the surface of the
soil along a cross-section through the driven piles and drilled shafts. The survey stakes, spaced
at 3 ft intervals, typically extended about 70 ft outward from the driven pile and often extended
to the drilled shaft or beyond. Liquefaction induced settlement was monitored by comparing the
survey stake elevations before and after blasting using an automatic level with an accuracy of
0.001ft. Soil settlement as a function of depth was monitored using a Sondex profilometer probe
installed near the test pile. Prior to blasting, stainless steel rings were fixed around a 3-inch
diameter corrugated PVC drain pipe at approximately 2 feet depth intervals and the pipe was
installed within a bore hole to a depth of 60 ft. Although the sand below the water table generally
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flowed in against the corrugated pipe, a gap existed between the drain pipe and the clay in the
upper 30 feet of the profile. This gap was filled by pouring pea gravel into the annular space.
Prior to blasting, the Sondex probe was inserted through a PVC access pipe inside the drain pipe
to determine the depths to the stainless-steel rings relative to a fixed reference point. After
blasting, the soil settlement around the drain pipe caused the pipe to move downward with the
soil and subsequent Sondex readings were taken to measure the difference in depth to the
stainless-steel rings. This procedure made it possible to determine the soil settlement as a
function of depth after each test blast.
Unfortunately, as discussed subsequently, it appears that there were gaps in the pea
gravel backfill or perhaps loosely placed pea gravel zones that settled following blasting and
caused somewhat erratic settlement of the drain pipe, particularly in the upper 30 feet of the
profile. In addition, the sand below 30 feet may not have always flowed in tightly adjacent to the
drain pipe leading to some erratic settlement readings in this zone.
More detailed plan views of each pile are shown in Figure 4.8-6 which show the depth of
each pore pressure transducer and its location around the driven piles. A number of transducers
were damaged or became inoperable in the process of installing and extracting them. As a result,
fewer transducers were available in subsequent blast tests. Although the Sondex profilometer
was located within the blast ring for the drilled shaft in each case, its location relative to the
center of the blast area is shown in these figures for reference. It has been assumed that the
settlement within the blast ring for the drilled shaft would be comparable to that which would
have occurred around the test pile considering that blast charges were comparable.
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Figure 4.8-2 Plan view drawing for a typical test blast showing drilled shaft and driven test piles,
blast holes, and instrumentation.

Figure 4.8-3 Profile drawing of test pile, blast holes, and instrumentation for a typical test
pile/drilled shaft at the test site.
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Figure 4.8-4 Detailed plan view drawing of the H-pile with blast holes and instrumentation.

Figure 4.8-5 Detailed plan view drawing of the pipe pile with blast holes and
instrumentation.
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Figure 4.8-6 Detailed plan view drawing of the square concrete pile with blast holes and
instrumentation.
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5

BLAST-INDUCED LIQUEFACTION TEST

Overview
As discussed in the literature review, blast induced liquefaction has been used in the past
to evaluate downdrag loads on piles (Rollins and Strand 2006, Rollins and Hollenbaugh 2015).
In addition, blast liquefaction has been used to determine lateral resistance of pile in liquefied
sand (Rollins et al 2005), and the effectiveness of earthquake drains (Rollins et al, 2006). The
objectives of this experiment are to measure the drag loads that developed in pre-loaded piles
following liquefaction along with the settlement of the pile relative to the surrounding soil. To
achieve these objectives, the experiment was designed to measure load in the pile and pile
settlement along with excess pore pressures and settlement of the soil around each pile during
their respective blast tests.
This chapter describes the procedures used to conduct the blast test along with the results
of the testing for each pile type. Blast test results include: (1) pore water pressure measurements,
(2) soil and pile settlement measurements, (3) load and skin friction developed in the pile, and
(4) neutral plane evaluation methods.
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Blast Test Procedures and Results for the H-Pile

5.2.1

Blast Test Procedures
Prior to blasting, a dead weight of 118.5 kips was applied to the H-pile as discussed in

Chapter 4. Based on the CAPWAP capacity of 285 kips (after adjustment for end-bearing
increase), the factor of safety against axial compression failure of the pile prior to liquefaction
was about 2.4. However, if the sand were to liquefy from 30 to 60 feet and the liquefied sand
had no skin friction, the axial capacity would drop to 235 kips and factor of safety would be
about 2.0.
The blast test for the H-pile and the adjacent 4 foot-diameter drilled shaft involved 15
blast holes evenly spaced around two rings each centered on the test foundations as shown in
Figure 4.7-2. Within each blast hole, four pounds of explosive charges were placed with their
centers at 37 and 47 feet below the ground surface, respectively. Gravel stemming was placed to
the top of each blast hole to separate the charges and prevent sympathetic detonation as well as
to direct the blast pressure to expand radially rather than simply vertically. In addition, three
gravel-filled bags were placed atop each blast hole.
The charges in each blast hole were detonated sequentially in a figure eight pattern
around the two rings. Within each blast hole the bottom charge was first detonated while the
upper charge was detonated after a delay of 176 milliseconds. The charges in the next blast hole
were then detonated after a delay of 500 milliseconds. Thus, 120 pounds of explosives (8
pounds in each blast hole) were detonated in a total time of 9.46 seconds. Following blasting, the
dissipation of pore pressure was monitored for approximately 180 minutes. There were no
physical signs of liquefaction such as sand boils, observed during this blast test. This could be a
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result of the 30-foot thick layer of cohesive soil overlying the liquefiable sands at this site that
likely restricted the upward flow of water and sand. Owing to the tight time schedule for
completing the tests, the pile was then unloaded and the data collection system was disconnected
although excess pore pressure ratios had not yet dissipated to less than 10% of the vertical
effective stress at all depths, as discussed subsequently.

5.2.2

Pore Pressure Response Following Blasting
Based on the measured pore water pressure at each transducer, the excess pore pressure

ratio (Ru) was calculated at depths of 30, 33, 36, 39, 42, 46, 50 and 56 feet below ground surface.
Plots of peak Ru versus depth for the driven pile and companion drilled shaft are while peak Ru
values are plotted versus depth in Figure 1.1-1Figure 5.2-1.
The pore pressure transducers (PPTs) were located approximately 2 meters away from
the center of the H-Pile and about 6 meters inside the blast ring. The excess pore pressure ratio is
a function of effective stress and is calculated using the equation
𝐑𝐑 𝐮𝐮 =

𝐮𝐮−𝐮𝐮𝐨𝐨

5-1

𝛔𝛔′𝐨𝐨

where u is the pore pressure at the depth in question after blasting, uo is the initial pore pressure
at the depth in question prior to blasting, and 𝜎𝜎𝑜𝑜′ is the initial vertical effective stress prior to

blasting. As mentioned in section 3.1, there was some confusion as to the appropriate depth for
the water table, and even though some pre-blast calculations were made with a water table at 10
feet, post blast calculations were made with the water table at 25 feet. This included recalculating
the vertical effective stresses and calculating the pore pressure ratios with a water table at a depth
of 25 feet. For comparison purposes the effective stress was calculated three different ways. One
was using the unit weight in chapter 3 correlated from N values (denoted as SPT Data), another
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was using correlations with CPT data from chapter 3 (denoted as CPT Data), and the third way
was using a single average unit weight in the clay layer based on the undisturbed samples and an
average unit weight value in the sand based on the SPT correlations (denoted as Average Unit
Weight SPT). The third method was also the method used in the field to provide a quick check
on whether the soil had liquefied.

Figure 5.2-1 Excess pore pressure ratio versus depth (a) around the 4-ft diameter drilled
shaft and (b) driven H-pile following the first blast.
The excess pore pressure ratio around the H-Pile was above 0.8 from 30 feet below the
ground surface until about 40 feet below the ground surface. The results are compared to the
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excess pore pressure ratios surrounding the drilled shaft that was blast tested at the same time.
The results from the drilled shaft indicate liquefaction to at least 40 feet and even down to 46
feet. They differ drastically at 30 feet, but this may be due to clays extending a little deeper
around the drilled shaft. Based on the results from the two deep foundations it is reasonable to
say the soil was essentially liquefied to a depth of about 46 to 50 feet. Thus, about 16 to 20 feet
of soil was liquefied.
There is some discrepancy in the pore pressure data around 46 feet. The excess pore
pressure calculated using CPT data and an average SPT value both drop, however the Ru value at
this depth for the SPT data does not drop. This could be that the SPT data indicated that the soil
was not as dense as the CPT data read at this depth. Also, it was likely averaged out in the
Average SPT curve, and therefore went overlooked. Further, it seems strange to have an excess
pore pressure ratio of 1.4 at the depth of 30 feet. This is most likely due to the soil layering not
being completely even and the pore pressure transducer remained in cohesive soil, and therefore
read higher excess pore pressures than if it had been in sand.
Ru versus time curves at each pore pressure transducer location are presented in Figure
5.2-2. In this case, the vertical effective stress was based on the unit weights from correlations
with CPT data from Chapter 3. The excess pore pressure dissipated slowly. At 180 minutes after
the blast, the pore pressure ratios had not fully dissipated at 30, 33 and 36 feet, but were typically
about 40%. However, at depths, 46 and 56 feet the excess pore pressures had dissipated to less
than 10% after 30 minutes while the transducer at 42 feet required 140 minutes to reach this
level.
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Figure 5.2-2 Excess pore pressure ratio versus time curves in the soil surrounding the Hpile (a) for 180 minutes following the blast and (b) immediately following the blast.
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5.2.3

Soil and Pile Settlement Following Blasting
As indicated previously, the total ground surface settlement across the site was measured

by placing a line of survey stakes adjacent to the two deep foundations at approximately 3-foot
intervals extending about 75 ft eastward from the H pile. The line was located about 4 ft to the
North side of the test foundations. The elevation of the top of the stakes was measured before the
blast, 40 minutes after the blast, and 150 minutes after the blast. The settlement profile across
the site is presented in Figure 5.2-3. Settlements became negligible at a distance of about 65 ft
from the center of the test pile.
After 150 minutes, the settlement of the ground near the pile was about 1.8 inches while
maximum settlement between the H pile and the drilled shaft was about 2.25 in. However, the
excess pore pressures from the blast had not completely dissipated and some additional
settlement may have occurred. The settlement near the pile itself may have been somewhat
higher than at 4 ft from the pile where the survey line was positioned. Nevertheless, the offset
between the soil and the H-pile was also measured and the difference was approximately 2.25
inches. The total ground surface settlement of the profile was estimated from the Sondex tube
measurements. Sondex measurements were taken well after excess pore pressures had dissipated,
more than 12 hours after the blast. The total ground settlement was estimated to be about 2.5
inches, based on an average determined from the Sondex data.
A settlement versus depth profile near the test pile was developed using data from the
Sondex tube. This profile makes it possible to compare the soil settlement to the settlement of the
pile, thus providing an independent estimation of the location of the neutral plane. As noted
previously, the neutral plane is typically defined as the depth where the settlement of the pile is
the same as the settlement of the soil. The raw settlement vs. depth data points collected from
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the Sondex tube are shown in Figure 5.2-4. Because of difficulties during installation of the
Sondex pipe, discussed in Chapter 4, it appears that the soil surrounding the Sondex pipe was not
in uniform contact with the pipe. As a result, the settlement readings are somewhat erratic.
Despite the scatter, there was a clear pattern to the data.

Figure 5.2-3 Liquefaction induced ground surface settlement versus horizontal distance
along a line adjacent to the H Pile and a companion drilled shaft following blasting.
To develop a more reliable settlement profile, the average Sondex settlement was used in
the clay layer down to 30 feet, and a regression equation was used to create a best fit curve for
the cohesionless soil below 30 feet. This presumes that the cohesive layer essentially settled on
top of the sand layer as it re-consolidated following liquefaction. The regression equation that
provided the best fit curve was an exponential equation. For settlement below 54 feet, where data
points ended, the line regression line was extrapolated. The settlement profile from the
developed exponential function is also shown in Figure 5.2-4. The settlement profile is
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consistent with the measured Ru values. The greatest settlement occurred in the layer from about
30 to 40 ft where Ru was highest, although significant but somewhat lower settlement occurred
from 40 to 50 ft. Settlement was minimal below this depth which is consistent with the relatively
low Ru values.
The settlement of the H-Pile during the blast was about 0.28 inches based on auto-level
measurements. The elastic distortion that would be produced over the length of the pile for the
118.5-kip static load is negligible, therefore the pile settlement is plotted as a constant value
along its length in Figure 5.2-4. Taking into account the pile settlement and the settlement of the
soil, the neutral plane is at about 52 feet where the settlements are the same.
The total volumetric strain developed in the soil as a result of liquefaction was calculated
by taking the total settlement of the liquefied layer and then dividing it by the thickness of the
liquefied layer. This strain was then compared to expected volumetric strain from earthquakes
based on SPT (N1)60 values determined by Tokimatsu and Seed (1987). The volumetric strain
generated by blast induced liquefaction was determined to be 1% for the layer from 30 to 46 feet.
The expected strain based on the average blowcount over the 16 feet of liquefied soil was about
2%. Initially, this would suggest that the soil did not strain as much as expected in an earthquake.
However, recent studies recommend that the computed strain be reduced using a depth reduction
factor proposed by Cetin et al. (2009) (see Eq. 3-17). Using this depth reduction factor, the
computed volumetric strain would be reduced from 2% to about 0.7%. Therefore, considering
the depth of the liquefied layer, the measured volumetric strain is comparable to that expected
from an earthquake.
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Figure 5.2-4 Settlement of the H-Pile and the surrounding soil during the first blast.
5.2.4

Load in the Pile Following Blasting
The load in the pile versus depth following blasting was computed using strain gauge

readings with Equation 4-1 as was done when the blanks were applied to the H-Pile during static
loading. The load in the pile versus depth curve resulting from liquefaction induced settlement is
presented in Figure 5.2-5. This curve represents the load that developed about 100 minutes after
blasting when the excess pore pressures were largely dissipated. The load in the pile clearly
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increases with depth from the ground surface to a depth of 62 ft indicating that the soil is settling
relative to the pile and inducing negative skin friction or dragload on the pile. Below this depth
the load in the pile decreases indicating that load in being transferred from the pile to the
surrounding soil by positive skin friction.
The load in the H-Pile was zeroed out before blasting because the blast liquefaction test
was carried out the day after the static load test described previously in section 4-6. Due to
concerns about equipment theft and the difficulty of maintaining power over night, the data
acquisition system had to be disconnected and then reconnected the next day. Thus Figure 5.2-5
does not show the total load in the pile from static loading and downdrag loading, it shows the
load in the pile minus the load induced from static loading.
To determine the total load in the pile versus depth it was necessary to add the load in the
pile from the applied load. This was done using the CAPWAP pile resistance data at the end of
initial driving displayed in Figure 4.7-2 and adding it to the load measured after liquefaction
induced settlement in Figure 5.2-5. CAPWAP load vs. depth data was chosen as it was
considered the most reliable data and generally fit reasonably well with the measured load from
the static load test. Furthermore, CAPWAP data was available for all piles whereas static load
test data was not.
Figure 5.2-6 shows the combined pre-blast (CAPWAP curve) and post-blast load versus
depth curves added together. The load increases in the pile from the applied load at the top
moving down the pile as negative skin friction is mobilized. The slope of the load versus depth
curve changes at about 32 feet and becomes steeper. The liquefied zone was from about 30 to 46
feet; therefore, the slope would be expected to become steeper in this zone due to smaller skin
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friction forces in the liquefied sand. It is also important to note that the slope of the curve is not
vertical, therefore negative skin friction is developing in the liquefied layer and is not zero as
some have speculated (Fellenius and Siegel, 2008).
The maximum load in the pile after blast liquefaction was about 175 kips at a depth of 55
feet. This would indicate that the neutral plane would be at this depth as well. It is important to
note that this is very close to the 52-foot depth determined for the neutral plane from the
settlement versus depth data. End bearing was mobilized and was about 60 kips. This is
significant, because it will allow the pile to be analyzed using settlement versus end bearing
mobilization curves.
Figure 5.2-7 compares the load in the pile versus depth curves for static loading before
blasting and then after blast induced liquefaction and reconsolidation. Under static loads, before
blasting, the load in the pile decreases with depth as load in the pile is transferred to the soil by
positive skin friction. After blasting, the load in the pile increases as negative skin friction
increases the load in the pile. If skin friction is the same before and after liquefaction the two
curves would be mirror images of each other relative to the load at the top of pile. This appears
to be the case for the top 30 feet of the soil profile which consists of cohesive soil and the loadtransfer from skin friction is about the same. However, the load versus depth curve in the
liquefied zone is steeper after the blast, meaning that the pile sheds less load in this zone and
therefore has less skin friction. There is, however, a definite change in load versus depth present
in the liquefied zone. Below about 60 feet, where liquefaction did not occur, the slopes of the
two curves once again appear to be similar.
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Figure 5.2-5 Change in load in pile vs depth after blast liquefaction for H pile.
The purpose of this study is not only to determine if there is negative skin friction in the
liquefied layers after pore pressures dissipate, but to also determine the magnitude of that
friction. This has been done by comparing the load transfer or incremental side resistance before
and after blasting at consistent depth intervals along the pile. Figure 5.2-8 shows plots of the load
transfer before blasting (from CAPWAP EOID) and after blasting (from Figure 5.2-6) at
consistent depth intervals along the H pile. The post-blast side resistance is typically similar to
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the pre-blast side resistance in the clay layers in the top 30 feet of the profile as well as in the
sand layers below 50 feet where liquefaction did not occur. In contrast, the post-blast side
friction was typically less than pre-blast side resistance in the zones where liquefaction or
elevated pore pressures were measured.
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Figure 5.2-6 Load measured in the H-Pile after blasting including the load induced from
the pre-blast static loading.
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Figure 5.2-7 Load versus depth in the H pile immediately before blast and after blast
induced liquefaction and reconsolidation.
The percentage of the side resistance after liquefaction relative to the side resistance
before blasting was calculated by dividing the side resistance in a post-blast depth increment by
the corresponding pre-blast side resistance in that same depth increment. The pre-blast side
resistance was assumed to be what the results from the CAPWAP EOID test indicate. The
average of side resistance or negative skin friction in the liquefied zone was found to be 49% of
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the positive skin friction prior to blasting, which is very close to that measured in other field tests
(Rollins and Strand 2006, Rollins and Hollenbaugh, 2015). The same comparison was made in
the non-liquefied layers along the pile as well. The percentage of the pre-blast side resistance
compared to the post-blast side resistance in the layers above the liquefied zone was 115% and
below the liquefied zone it was 93%. This result suggests that the post-blast negative skin
friction in non-liquefied layers will be similar to the positive skin friction before blasting. This
result is also consistent with findings from other field tests (Rollins and Hollenbaugh, 2015).

Figure 5.2-8 Comparison of incremental side resistance before and after blast induced
liquefaction and reconsolidation for the H-Pile
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5.2.5

Summary of Response and Neutral Plane Evaluation for H Pile
Figure 5.2-9 provides plots of the excess pore pressure ratio, pile and soil settlement, and

load in the pile after blasting vs. depth, as well as an end-bearing resistance vs. toe settlement
curve for the H pile. This figure provides an overall picture of the interaction of the pile and the
surrounding soil after the blast liquefaction along with the consistency of the results. The endbearing resistance vs. toe settlement of the pile was created from a similar normalized graph
presented in Figure 3.2-11 (O’Neill and Reese 1999). This was done by multiplying the width of
the pile base by the settlement ratio on the abscissa in Figure 3.2-11 and by multiplying the
ultimate end bearing by the normalized end-bearing resistance on the ordinate in Figure 3.2-11.
This made it possible to see if the estimated end-bearing resistance mobilized by the pile during
blasting would produce a settlement that was similar to what was observed during blasting.
As shown in Figure 5.2-9 the majority of the settlement of the soil took place within the
liquefied zone from 30 to 46 feet but some settlement occurred below this zone. As noted
previously, the settlement of the pile and the soil are equal to 0.28 inches at a depth of 52 feet
below the ground which defines the neutral plane based on settlement. In addition, the load in
the pile reaches a maximum value at a depth of 55 feet which defines the neutral plane based on
load. Although the agreement in the two depths to the neutral plane is not perfect, it is
remarkably good. The small discrepancy could be due to only having load values at the locations
of strain gauges. The maximum load could align with the depth where the settlement of the pile
and soil were equal; however, because a strain gauge is not located at that exact location it is
impossible to tell for sure. The exact location of the neutral plane is most likely in the range of
the two presented neutral planes.
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Negative skin friction increases the load in the pile from the ground surface to the neutral
plane while positive skin friction decreases the load in the pile below this depth. Negative skin
friction within the liquefied zone is relatively low but not zero. The end-bearing resistance
mobilized at the toe of the pile after reconsolidation of the sand was about 64 kips. Based on the
estimated ultimate end-bearing resistance of 99 kips this would produce a settlement of about
0.35 inches based on the end-bearing resistance vs. pile toe settlement as shown in Figure 5.2-9.
As noted previously, the actual measured pile toe settlement was 0.28 inches. This is a
discrepancy of only 0.07 inch which is well within one standard deviation of what was calculated
from the O’Neill and Reese (1999) curve. If the 30-kip toe capacity calculated by the CAPWAP
analysis for EOID is used, the pile settlement of two inches would have been required to
mobilize a 64-kip load, which is well outside of one standard deviation. This result confirms that
the toe capacity is close to the predicted 99 kips.
One final point to note is that the neutral plane is located somewhat below the liquefied
zone. This is acceptable and expected when the pile does not settle significantly. If the pile had
settled more, then the neutral plane could have moved upward into the liquefied zone. However,
cohesionless soils subjected to a blast or an earthquake do not have to fully liquefy to produce
settlement. Therefore, if the pile doesn’t settle much as it develops the necessary end-bearing
resistance, then the neutral plane will be deeper in the soil profile where settlements are smaller
than in the liquefied layer.
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Figure 5.2-9 Pore pressure ratio, settlement, and load in the pile vs. depth along with end-bearing versus settlement curve for
H Pile.
114

Blast Test Procedures and Test Results for the Closed End Pipe Pile

5.3.1

Blast Test Procedures
Prior to blasting, a dead weight of 118.5 kips was applied to the pipe pile as discussed in

Chapter 4. Based on the average CAPWAP capacity of 471 kips, the factor of safety against
axial compression failure of the pile prior to liquefaction was about 4. However, if the sand were
to liquefy from 30 to 60 feet and the liquefied sand had no skin friction, the axial capacity would
drop to 282 kips and factor of safety would be about 2.4.
The blast test for the pipe pile and the adjacent 6-foot diameter drilled shaft involved 13
blast holes spaced nearly uniformly around two rings each centered on the test foundations as
shown in Figure 4.7-1. Two of the blast holes at the top of each ring were unavailable for use in
the second blast test because explosives were detonated in them during the first blast test.
Within each blast hole, six pounds of explosive charges were placed with their centers at 37 and
47 feet below the ground surface, respectively. Gravel stemming was placed to the top of each
blast hole to separate the charges and prevent sympathetic detonation as well as to direct the blast
pressure to expand radially rather than simply vertically. In addition, three gravel-filled bags
were placed atop each blast hole.
The charges in each blast hole were detonated sequentially in a figure eight pattern
around the two rings. Within each blast hole the bottom charge was first detonated while the
upper charge was detonated after a delay of 176 milliseconds. The charges in the next blast hole
were then detonated after a delay of 500 milliseconds. Thus, 156 pounds of explosives (12
pounds in each blast hole) were detonated in a total time of 8.112 seconds. Following blasting,
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the dissipation of pore pressure was monitored for approximately 90 minutes. As was the case
for the first blast test, there were no physical signs of liquefaction such as sand boils, observed
during this second blast test. This could be a result of the 30-foot thick layer of cohesive soil
overlying the liquefiable sands at this site that likely restricted the upward flow of water and
sand. Owing to the tight time schedule for completing the tests, the pile was then unloaded and
the data collection system was disconnected 90 minutes after blasting although excess pore
pressure ratios had not yet dissipated to less than 10% of the vertical effective stress at all depths,
as discussed subsequently.

5.3.2

Pore Pressure Response Following Blasting
Upon extracting the pore pressure transducers from ground after the first blast, several of

them were damaged. Therefore, in the second blast there were only four transducers around the
pipe pile and four around the center 6-ft diameter drilled shaft. The transducers were located
around a ring approximately 2 meters from the center of each respective deep foundation.
The excess pore pressure ratios were calculated the same way as in the previous blast
with the water table at 25 feet. The Ru values were calculated based on the pore water pressures
measured by the transducers at depths of 30, 33, 39, 42 and 47 feet below the ground surface.
Plots of the peak Ru versus depth around the pipe pile are plotted in Figure 5.3-1 along with the
excess pore pressure ratios surrounding the center drilled shaft. The excess pore pressure ratio
around the pipe pile was above 0.8 from 30 feet below the ground surface to about 42 feet
around the pipe pile and to about 48 feet around the drilled shaft. An excess pore pressure ratio
above 0.8 would likely behave as if it were fully liquefied for most practical purposes.
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Figure 5.3-1 Excess pore pressure ratio versus depth (a) around the 6-ft diameter drilled
shaft and (b) driven pipe pile following the first blast.
Figure 5.3-2 provides plots of the excess pore pressure ratios versus time for each
transducer depth. The plots focused on the time immediately after the blast indicate that the top
three transducers essentially liquefied while the deeper transducer at 47 feet did not. The pore
pressure ratio at a depth of 47 feet dissipated to less than 10% after about 35 minutes; however,
the pore pressure ratios at the shallower depths were still between 30 and 50% when the data
acquisition system was disconnected 90 minutes after the blast.
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Figure 5.3-2 Excess pore pressure ratios versus time in the soil surrounding the pipe pile
for (a) 90 minutes following the blast and (b) within a few minutes immediately following
the blast.
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5.3.3

Soil and Pile Settlement Following Blasting
The total ground settlement across the site was measured during the second blast in the

same way as it was during the first blast. Elevation measurements were made on top of wooden
survey stakes spaced at three-foot intervals along a line located about 4 feet north of the center of
the pile which extended about half way inward to the drill shaft and about 70 feet outward from
the pipe pile. Elevations of the tops of the stakes for this blast were taken 30 minutes and 330
minutes (5.5 hrs.) after the blast and profiles of the measured settlements are plotted in Figure
5.3-4. Although settlement became negligible beyond 60 feet from pipe pile after 30 minutes,
settlement was still approximately 0.20 inch at a distance of 70 feet after 330 minutes. About
60% more settlement occurred between the 30 minute and 330 minute readings near the pile as
the sand continued to settle as excess pore pressures dissipated. The total settlement of the soil
surrounding the pile was about 3.2 inches.
A settlement versus depth profile was also developed using data from the Sondex tube.
Once again, this data makes it possible to compare the soil settlement to the settlement of the pile
and provides and independent estimation of the location of the neutral plane. The raw settlement
versus depth data points collected from the Sondex tube are plotted in Figure 5.3-4. The
settlement data for the pipe pile was not as scattered as the data from the H-Pile. Nevertheless,
there was still some scatter, and to get a more precise settlement profile a best fit curve and
regression equation were generated again as was done in section 5-2. The regression curve was
extrapolated to get a better idea of the settlement at deeper depths.
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Figure 5.3-3 Liquefaction induced ground surface settlement versus horizontal distance
along a line adjacent to the pipe pile and a companion drilled shaft following blasting.
The settlement in the clay layer was again assumed to be equal to the total settlement of
the soil profile, which was determined by approximating an average in the center of the available
data, which was 2.8 inches. This settlement is slightly lower, but similar to that measured with
the survey stakes with the automatic level. The discrepancy could be due to the Sondex tube
being located somewhat further from the pile than the survey stake.
The total settlement of the pile was about 0.32 inches. This was measured by attaching a
survey rod to the pile cap before blasting, and then taking measurements before and after the
blast with an auto level located about 100 feet from the pile. Settlement from pile deformation
was once again negligible. Therefore, the neutral plane can be assumed to be at a depth of about
60 feet where the pile and soil settlements are equal as shown in Figure 5.3-4 .
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Figure 5.3-4 Settlement of the pipe pile and the surrounding soil following the test blast
The total volumetric strain developed in the soil as it reconsolidated following blast
liquefaction was again calculated by taking the total settlement of the liquefied layer (2 inches)
and then dividing it by the thickness of the layer of liquefied soil (18 ft). This strain was also
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compared to expected strains from earthquakes based on SPT (N1)60 values determined by
Tokimatsu and Seed (1987). The volumetric strain generated by the blast was determined to be
0.9%. The expected strain based on the average blowcount over the 18 feet of liquefied soil was
about 2%. This is still not as much strain as would be expected by an earthquake, but if the Cetin
et al. (2009) depth weighting factor is used, then the expected volumetric strain would be 0.7%
which is very close but somewhat lower than the strain measured using blast liquefaction.

5.3.4

Load in the Pile Following Blasting
The pipe pile was loaded one day, and then the blasting for the pipe pile took place the

following day. Because of this all instrumentation was disconnected and stored to prevent theft,
then reconnected the next day. Thus, the load was zeroed the next day after the blanks had
already been added. So, the data recorded during blasting was the load felt in the pile minus the
load felt in the pile after adding the blanks. The load felt in the pile during blasting was
calculated using strain gauges the exact same way as the static load in the pipe pile was
calculated in section 4.6, by using an average of the modulus of steel and a calculated modulus
of elasticity of the concrete, weighted by the cross-sectional area of each. The results are shown
in Figure 5.3-5.
The load in the pile clearly increases with depth from the ground surface to a depth of 60
ft indicating that the soil is settling relative to the pile and inducing negative skin friction or
dragload on the pile. Below this depth the load in the pile decreases indicating that load in being
transferred from the pile to the surrounding soil by positive skin friction.
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Figure 5.3-5 Change in load in the pipe pile versus depth after blasting.
To obtain the load in the pile versus depth after blasting, it was necessary to add the load
in the pile versus depth after placement of the static load to the change in load versus depth curve
presented in Figure 5.3-5. This was done by taking the load in the pile versus depth curve based
on the End of Adding Blanks curve shown in Figure 4.7-3 and adding it to the curve in Figure
5.3-5. This is a similar process explained in greater detail in section 5-2. The results are
presented in Figure 5.3-6. Negative skin friction increases the load in the pile from 118.5 kips at
the ground surface to a maximum value of 215 kips at a depth of 61 feet. Below this depth, the
load in the pile decreases indicating that the neutral plane is at 61 feet.
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Figure 5.3-6 Load measured in the pipe pile after blasting with the load in the pile from the
static load added.
Figure 5.3-7 shows the load versus depth in the pipe pile before and after blasting. They
are good reflection of each other which means that the load measured from the strain gauges is a
good representation of the loads during blasting, except in the liquefied zone where the curve is
steeper, meaning the pile sheds less load in this zone and is only a fraction of what it was before.
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Figure 5.3-7 Load versus depth in the pipe pile immediately before blast and after blast
induced liquefaction and reconsolidation.
The comparison of incremental loads in the pipe pile in the liquefied zone from 30 feet to
about 45 feet was done the same way in the pipe pile as it was in the H-pile. The incremental
load comparisons are shown in Figure 5.3-8. The ratio of skin friction after blasting compared to
the skin friction before blasting was 48%. The same comparison was made in the non-liquefied
layers of the pile as well. The ratio of the pre-blast loads compared to the post-blast loads in the
layers above the liquefied zone was 1.53 and below the liquefied zone it was 0.62.
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Figure 5.3-8 Comparison of incremental side resistance before and after blast induced
liquefaction and reconsolidation for the pipe pile.
5.3.5

Summary of Response and Neutral Plane Evaluation for H Pile
Figure 5.3-9 provides plots of the excess pore pressure ratio, pile and soil settlement, and

load in the pile after blasting vs. depth, as well as an end-bearing resistance vs. toe settlement
curve for the pipe pile. This figure provides an overall picture of the interaction of the pile and
the surrounding soil after the blast liquefaction along with the consistency of the results. The
end-bearing resistance vs. toe settlement of the pile was created from a similar normalized graph
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presented in Figure 3.2-11 (O’Neill and Reese 1999). This was done by multiplying the width of
the pile base by the settlement ratio on the abscissa in Figure 3.2-11 and by multiplying the
ultimate end bearing by the normalized end-bearing resistance on the ordinate in Figure 3.2-11.
This made it possible to see if the estimated end-bearing resistance mobilized by the pile during
blasting would produce a settlement that was similar to what was observed during blasting.
As shown in Figure 5.3-9, the majority of the settlement of the soil took place within the
liquefied zone from 30 to 48 feet but some settlement occurred below this zone. As noted
previously, the settlement of the pile and the soil are equal to 0.32 inches at a depth of 60 feet
below the ground which defines the neutral plane based on settlement. In addition, the load in
the pile reaches a maximum value at a depth of 61 feet which defines the neutral plane based on
load. Although the agreement in the two depths to the neutral plane is not perfect, it is
remarkably good. The small discrepancy is likely due to only having load values at the locations
of strain gauges. The exact location of the neutral plane is most likely in the range of the two
presented neutral planes.
Negative skin friction increases the load in the pile from the ground surface to the neutral
plane while positive skin friction decreases the load in the pile below this depth. Negative skin
friction within the liquefied zone is relatively low but not zero. The end-bearing resistance
mobilized at the toe of the pile after reconsolidation of the sand was about 132 kips. Based on the
estimated ultimate end-bearing resistance of 282 kips this would produce a settlement of about
0.32 inches based on the end-bearing resistance vs. pile toe settlement as shown in Figure 5.3-9.
As noted previously, the actual measured pile toe settlement was 0.32 inches. Thus, the endbearing resistance developed as a result of negative skin friction is consistent with the settlement
of the pile.
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Figure 5.3-9 Pore pressure ratio, settlement, and load in the pile vs. depth along with end-bearing vs. settlement curve for pipe pile.
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Blast Test Procedures and Test Results for the Pre-Cast Concrete Square Pile

5.4.1

Blast Test Procedures
Prior to blasting, a dead weight of 118.5 kips was applied to the pipe pile as discussed in

Chapter 4. Based on the average CAPWAP capacity of 557 kips, the factor of safety against
axial compression failure of the pile prior to liquefaction was about 4.7. However, if the sand
were to liquefy from 30 to 60 feet and the liquefied sand had no skin friction, the axial capacity
would drop to 250 kips and factor of safety would be about 2.1.
The blast test for the concrete square pile and the adjacent 4-foot diameter drilled shaft
involved 13 blast holes spaced nearly uniformly around two rings each centered on the test
foundations as shown in Figure 4.7-1. Two of the blast holes at the top of each ring were
unavailable for use in the third blast test because explosives were detonated in them during the
second blast test. Within each blast hole, seven pounds of explosive charges were placed with
their centers at 37 and 47 feet below the ground surface, respectively. Gravel stemming was
placed to the top of each blast hole to separate the charges and prevent sympathetic detonation as
well as to direct the blast pressure to expand radially rather than simply vertically. In addition,
three gravel-filled bags were placed atop each blast hole.
The charges in each blast hole were detonated sequentially in a figure eight pattern
around the two rings. Within each blast hole the bottom charge was first detonated while the
upper charge was detonated after a delay of 176 milliseconds. The charges in the next blast hole
were then detonated after a delay of 500 milliseconds. Thus, 182 pounds of explosives (14
pounds in each blast hole) were detonated in a total time of 8.112 seconds. The blast charges
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were detonated close to dark. For this reason, the instrumentation was disconnected about 105
minutes after blasting.

5.4.2

Pore Pressure Response Following Blasting
While extracting the pore pressure transducers from ground to move them from around

the pipe pile and 6-ft diameter drilled shaft a number of the transducers were damaged or became
inoperable. Therefore, in the third blast test there were only three transducers available for
placement around the concrete pile and two transducers around the third drilled shaft. The
transducers were located approximately 2 meters from the center of each respective deep
foundation. Transducers around the pre-stressed concrete pile were installed at depths of 31,
33.5 and 46.5 feet below the ground surface.
The excess pore pressure ratios were calculated based on the measured pore water
pressure from transducers at depths of 31, 33.5, and 46.5 feet. Plots of Ru versus depth around
both the concrete pile and the third drilled shaft are shown in Figure 5.4-1. This allows us to see
how much of the soil had effectively liquefied. The Ru was above 0.8 from 31 feet to about 46.5
feet below the ground surface around the concrete square pile. Ru was only above 0.8 at a depth
of 35 feet around the third drilled shaft. Because there were more explosives used than in the first
two blasts, and the total settlement of the soil in the second blast was more than in the first two
blasts, and the lack of data below 46.5 feet, it is expected that the soil effectively liquefied from
30 feet to about 50 feet.
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Figure 5.4-1 Excess pore pressure ratio versus depth (a) around the 4-ft diameter drilled
shaft and (b) driven concrete pile following the first blast.
Plots of Ru versus time are shown in Figure 5.4-2. The pore pressures closer to the clay
layer once again took longer to dissipate than the pore pressures deeper into the sand layers. The
pore pressure ratios at 31 and 33.5 feet managed to dissipate to less than 50% after 90 minutes,
but the pore pressure ratio at 46 feet dissipated to less than 10% about 40 minutes after the blast.
In contrast to the previous blast tests, there was some surface evidence of liquefaction
during the blast test around the concrete pile. After the blast, water was observed flowing
upward near the interface between the pile and the surrounding soil. Perhaps the higher
explosive charge weights created a small gap at the interface between the pile and soil which
provided an escape route for the water in the liquefied zone. Nevertheless, no sand ejecta was
observed in the water.
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Figure 5.4-2 Excess pore pressure versus time in the soil surrounding the concrete square
pile for 105 minutes following the blast, and focused on the time directly following the
blast.
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5.4.3

Soil and Pile Settlement Following Blasting
The total ground settlement across the site was measured during the third blast in the

same way as it was during the previous blasts. Elevation measurements were made on top of
wooden survey stakes spaced at 3-foot intervals along a line located about 4 feet north of the
center of the pile which extended about 70 feet outward from the concrete pile. Settlement was
also measured at selected points in the direction of the drilled shaft. Elevations on the tops of the
stakes for this blast were taken 20 minutes, 80 minutes (1.33 hours), and 750 minutes (12.5
hours) after the blast and profiles of the measured settlements are plotted in Figure 5.4-3. The
settlement profiles clearly show the settlement increases as pore pressure continue to dissipate
with time. Although settlement became negligible beyond 60 feet from pipe pile after 20
minutes, settlement was still approximately 0.20 inch at a distance of 70 feet after 750 minutes.
About 33% more settlement occurred between the 20 minute and the 80 minute readings, while
about 90% more settlement occurred between the 20 minute reading and the 750 minute reading.
The total settlement of the soil surrounding the pile was about 3.4 inches 12.5 hours after
blasting when pore pressure ratios had likely returned to zero.
The settlement data collected from the Sondex tube for the third blast was
scattered, but once again had a clear pattern. Therefore, a best fit curve was created, and an
exponential equation was derived just as was done in the precious two sections. A settlement
versus depth profile is available in Figure 5.4-4. For the profile below the available data, the
regression curve was extrapolated. The settlement in the clay layer was assumed to be 3.4 inches
based on the settlement measured from the wooden stakes. The total pile settlement was 0.28
inches. This was measured by fixing a survey rod to one of the weights on top of the pile cap,
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and taking a measurement before and after the blast. The depth where the soil and pile settlement
were equal was about 70 feet.

Figure 5.4-3 Liquefaction induced ground surface settlement versus horizontal distance
along a line adjacent to the concrete pile and a companion drilled shaft following blasting
Prior to blasting an orange line was drawn on the pile and soil at the ground surface to
measure the differential settlement. Figure 5.4-5 shows this line post blast after the soil had a
chance to settle, however it is not a picture of the pile after all settlement has occurred. Knowing
that the pile is 18 inches wide the total settlement based on how much the soil displaced can be
measured. This is done by measuring the gap and comparing it to the known length of 18 inches.
Following this procedure, the settlement was about 2.5 inches.
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Figure 5.4-4 Settlement of the concrete pile and the soil surrounding it after the test blast
The total volumetric strain developed in the soil as it reconsolidated following blast
liquefaction was again calculated by taking the total settlement of the liquefied layer (2 inches)
and then dividing it by the thickness of the layer of liquefied soil (20 ft). The volumetric strain
generated by the blast was determined to be 0.9%. This strain was also compared to expected
strains from earthquakes based on SPT (N1)60 values determined by Tokimatsu and Seed (1987).
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The expected strain based on the average blowcount over the 20 feet of liquefied soil was about
2%. This is still not as much strain as would be expected by an earthquake, but if the Cetin et al.
(2009) depth weighting factor is used, then the expected volumetric strain would be 0.65% which
is very close but somewhat lower than the strain measured using blast liquefaction.

Figure 5.4-5 Photo showing offset between the pre-stressed concrete pile and the
surrounding soil after blast test. The painted pile section was initially flush with the
ground surface prior to the blast.

5.4.4

Load in the Pile Following Blasting
The load in the concrete square pile was calculated by using equation 4-1. The modulus

of elasticity of the concrete square pile was calculated using equation 4.2, and the strain was read
directly from the gauges. The compressive strength of the concrete used to construct the pile was
9,930 psi. The strain gauges were zeroed out before the blast, even though the pile was loaded
and blasted in the same day. This is due to the unrealistic data readings that were recorded during
the static loading of the pile. The unrealistic readings may have been due to the particularly
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heavy rain that was occurred prior to the static loading. The weather did dry up as the day wore
on and the strain readings in the afternoon seemed more realistic. It was our hope that the dry
weather and zeroing out the strain gauge readings would give more reliable results. The
measured change in load in the pile versus depth after the blast is shown in Figure 5.4-6. Once
again this is the change load in the pile after blasting without accounting for the load in the pile
produced by static loading.

Figure 5.4-6 Change in load in the concrete pile versus depth after blasting.
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To obtain the load in the pile versus depth after blasting, it was necessary to add
the load in the pile versus depth after placement of the static load to the change in load versus
depth curve presented in Figure 5.4-6. This was done by taking the load in the pile versus depth
curve based on the CAPWAP EOID curve shown in Figure 4.5-3 and adding it to the curve in
Figure 5.4-6. This is the same process explained in greater detail in section 5-2. The resulting
load versus depth curve is shown in Figure 5.4-7. Negative skin friction increased the pile in the
pile from 118 kips to about 170 kips, which means that the pile only gained 52 kips over 70 feet
of depth. This could be due to water and loose sand being ejected at the interface with the
concrete pile such that the friction around the pile was lessened due to the presence of this loose
material along the pile. This is consistent with the observation of water flowing upward near the
pile interface after the test blast. It is also consistent with the fact that there was no reduction in
skin friction in the upper clay layers during the first two blasts when no evidence of liquefaction
was observed at the ground surface.
The maximum load in the concrete square pile at this point occurred at a depth of about
60 feet. However, if the downdrag in the layers above the liquefied zone was not as vertical, then
the maximum would have been greater and the neutral plane determined from the maximum load
could have been deeper. However, the neutral plane of the concrete pile measured from the max
load in the concrete square pile is be believed to be 60 feet, which is about 5 feet shallower than
what was indicated by the settlement neutral plane.
Figure 5.4-8 compares the load in the pile versus depth immediately before the blast to
the load after blast induced liquefaction and reconsolidation. This is done to see if the load in the
pile after blasting was a reflection, except in the liquefied zone, of the load in the pile before
blasting. In this case it is not a good reflection. This may be due to water and sand being forced
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to the surface from the lower layers causing a decrease in skin friction along the shaft in the clay
layers. If that were the case, then the load felt in the pile would increase, and thus would become
a better match to the load in the pile prior to blasting.

Figure 5.4-7 Load versus depth in the concrete pile immediately before blast and after blast
induced liquefaction and reconsolidation.
The incremental side resistance comparisons are shown in Figure 5.4-9. The side
resistance after the blast were smaller than the side resistance before the blast in the liquefied
zone. However, the side resistance was also significantly smaller in the upper 30-foot-thick clay
layer as well. The side resistance in the layers below the liquefied zone after the blast are
comparable to the side resistance before the blast. On average, the side resistance in the liquefied
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zone was about 47% of the e percent of the side resistance prior to blasting. The same
comparison was made in the non-liquefied layers of the pile as well. The ratio of the pre-blast
resistance compared to the post-blast resistance in the clay layers above the liquefied zone was
0.21 while in layers below the liquefied zone it was 2. The lower ratio above the liquefied zone
once again could be due to the pile losing friction in the upper layers. The higher ratio below
may be due to mobilizing more load because of lack of skin friction above the liquefied layer,
especially considering that the largest difference in load is right at the pile tip, but it is so high
that it is unreasonable were that not the case.

Figure 5.4-8 Comparison of the pre-blast load in the concrete pile versus depth curve after
static loading with the post-blast curve after liquefaction and reconsolidation.
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Figure 5.4-9 Incremental side resistance in the Concrete Pile
5.4.5

Summary of Response and Neutral Plane Evaluation for H Pile
Figure 5.4-10 provides plots of the excess pore pressure ratio, pile and soil settlement,

and load in the pile after blasting vs. depth, as well as an end-bearing resistance vs. toe
settlement curve for the pipe pile. This figure provides an overall picture of the interaction of the
pile and the surrounding soil after the blast liquefaction along with the consistency of the results.
The end-bearing resistance vs. toe settlement of the pile was created from a similar normalized
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graph presented in Figure 3.2-11 (O’Neill and Reese 1999). This was done by multiplying the
width of the pile base by the settlement ratio on the abscissa in Figure 3.2-11 and by multiplying
the ultimate end bearing from the CAPWAP EOID analysis by the normalized end-bearing
resistance on the ordinate in Figure 3.2-11. This makes it possible to determine if the estimated
end-bearing resistance mobilized by the pile during blasting would produce a settlement that was
similar to what was observed during blasting.
The soil liquefied from about 30 feet to 50 feet and for the third time the location of the
neutral plane is outside of the liquefied zone. The neutral planes do not line up; and are about 10
feet apart. This may be due to the load in the concrete pile not being able to fully develop before
the data acquisition system was disconnected. Another contributor to the discrepancy would have
been not having enough strain gauges, and thus not being able to know the load at the location of
the settlement neutral plane would have made it impossible to determine if the max load was at
the same location or not. Either way, it is reasonable to say based on the results of the max load
and the settlement, the neutral plane is likely between 60 and 65 feet and due to the concrete pile
not being able to fully mobilize its load after blasting, it is likely closer to the 60 foot depth.
The estimated end bearing resistance from the post blast analysis was about 114 kips,
which according to the O’Neill and Reese (1999) Q-z curve, would mean the pile should have
settled about 0.32 inches based on an ultimate end-bearing resistance of 250 kips. The actual
recorded pile settlement was 0.28 inches. Thus, we can determine that the load determined in the
blast is reasonable.
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Figure 5.4-10 Pore pressure ratio, settlement, and load in the pile vs. depth along with end-bearing vs. settlement curve for
concrete pile
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Comparison of the Three Blasts
Figure 5.5-1 provides a comparison of the load in the pile versus depth for all three test
piles after blast induced liquefaction and reconsolidation. All three piles show negative skin
friction developing to a depth of between 55 and 61 feet. The load versus depth curve for the
concrete square pile is more vertical than the other two piles and does not reach as high of a
maximum load as the other two piles. Because the concrete pile has the largest shaft capacity, it
might be expected to have the highest negative friction and to create the greatest downdrag
forces. This reduced resistance could potentially be caused by several factors. First, the data
acquisition system had to be disconnect the data acquisition system before the excess pore
pressures had completely dissipated, although this was the case in previous blast. This would
mean that the skin friction may have increased as settlement continued and the maximum load
would not have been completely developed because the soil didn’t finish settling. Another
possibility may be water and sand ejecta moving upward along the interface of the pile. As the
pore pressures dissipated, water escaped along the shaft thus potentially reducing the skin
friction at the interface. However, it is difficult to determine the exact mechanism because it has
not happened before on other blast tests and this experiment wasn’t set up to measure this
phenomenon, but there was a small water flow observed leaving the ground around the pile after
blasting.
A comparison of the interpreted soil settlements surrounding each pile post blast is
presented in Figure 5.5-2. The settlement of the soil surrounding the H-pile and the pipe pile
were calculated by finding a regression curve that fit the data, however, the data from the
concrete pile was calculated using a regression curve that only fit part of the data and was
adjusted based on what was interpreted to be correct. The concrete pile had the most weight per
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charge for the blast, but only one pound per hole more than the pipe pile. This would lead to
believe that the soil surrounding the concrete pile would have a similar settlement to the soil
surrounding the pipe pile. Toward the toes of the piles, however, the soil is much denser and
leads to similar settlement in all three piles. Based on these observations, the interpreted
settlement profile from the concrete pile can be considered accurate.

Figure 5.5-1 Comparison of the loads in the pile following blast induce liquefaction and
reconsolidation for all three test piles
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Figure 5.5-2 Comparison of the interpreted settlement profiles of the soil surrounding each
profile.
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5.5.1

Vibration Attenuation from the Blast Liquefaction Tests
Peak particle velocity produced by blasting has been correlated to damage to buildings

and disturbance to humans. To provide a record of the ground motions produced by the blasting,
peak particle velocity was measured as a function of distance for each blast test using two
Instantel Minimate seismographs as shown in Figure 5.5-3. The seismographs were located at
distances ranging from 30 to 168 ft from the closest blast hole. The measured peak particle
velocities (PPVs) ranged from 0.24 to 0.025 meters per second. Measured peak particle velocity
was plotted as a function of the scaled distance as shown in Figure 5.5-4 and a best-fit equation
was developed based on the data. PPV in meters per second was given by the equation

Where,

PPV = 1.67(SRSD)−1.425

SRSD =

5-2

D

5-3

W0.5

and D is the distance from the blast charge in meters and W is the charge weight in kg. The data
points and the best-fit curve equation for this study predicts somewhat higher PPVs than that
observed in the blast liquefaction tests conducted at Treasure Island in San Francisco Bay
(Ashford et al. 2004). The charge weights in this study were significantly higher that used at
Treasure Island which may partially explain the difference.
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Figure 5.5-3 Photograph of two Instantel Minimate blast seismographs in place prior to
blast liquefaction test around the concrete pile.
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Figure 5.5-4 Peak particle velocity versus distance data and best-fit line for this study in
comparison with data points and best fit line from Treasure Island blast tests (Ashford et
al. 2004).
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Comparison with Alternative Methods
The Fellinius and Siegel (2008) method of analyzing the location of the neutral plane
depends on locating a neutral plane prior to liquefaction. The static neutral plane is formed by
pore pressures dissipating around the pile and the surrounding soil settling as a result. In this
experiment, there was no downdrag observed prior to liquefaction. Pore pressures remained
constant after initial driving and no settlement of the soil was observed prior to blast induced
liquefaction. However, the test in this experiment were performed within a two-month time
period, it may be that the static neutral plane needs more time to form.
The ASHTO (2012) method of analyzing dragloads treats the skin friction in the liquefied
zone as zero, and the location of the neutral plane is only based on pile settlement. The
magnitude of the skin friction outside of the liquefied zones in this method is about the same as
pre-blast liquefaction skin friction. However, because there is no dragload in the liquefied zone,
the maximum load in the pile is under-predicted and less end bearing in mobilized. This would
lead to an under-prediction of the pile settlement.
Boulanger and Brandenberg (2004) found that the neutral plane location changed with time,
and Wang and Brandenberg (2013) found that the neutral plane is not where settlement of soil
and pile are equal, but rather where their relative velocities are equal. In addition, they assume
that skin friction in the liquefied layer is zero. This experiment was not designed to measure
relative velocity of either the soil or the pile during the experiment. However, it is possible that
the location of the neutral plane changes with time. When the pore pressures dissipate and the
negative skin friction develops in the liquefied zone, this would create more downward force
around the pile causing it to settle even more than it did when skin friction was zero in the
liquefied zone and therefore would cause the neutral plane to change as the pile settled more.
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6

SUMMARY AND CONCLUSIONS

Blast induced liquefaction tests were performed on an H pile, a pipe pile, and a prestressed concrete pile. Prior to blasting, a static load of 118.5 kips was applied to each test pile.
The soil profile at the test site generally consisted of 30 feet of clay underlain by medium density
sand and silty sand. Blasting produced a liquefied zone between 15 and 20 feet thick
immediately below the clay layer. Liquefaction induced ground settlements ranged from 2.5 to
3.5 inches, but pile settlements were only 0.28 to 0.35 inches. Load in the pile was measured by
strain gauges following blast induced liquefaction and compared with load in the pile prior to
blasting interpreted from CAPWAP analyses, Bi-directional load testing, and static load tests.
Based on the results of the field tests, the following conclusions have been drawn:
1. The magnitude of the skin friction in the liquefied zone was typically 40 to 50% of the skin
friction in that zone prior to liquefaction. The measured percentages of skin resistance in the
liquefied zone were, 49% for the H-Pile, 38% for the pipe pile and 47% for the concrete square
pile. These results are generally consistent with previous full-scale blast liquefaction test results
on a driven steel pile (Rollins and Strand, 2006) and auger-cast piles (Rollins and Hollenbaugh,
2015).
2. Post-blast skin friction in the non-liquefied clay layers above the liquefied zone was typically
about the same as that before liquefaction. Similarly, post-blast skin friction in the deeper nonliquefied sand layers was reasonably similar to that before blasting. However, for the prestressed concrete pile a significant reduction in the skin friction was observed in the clay layer
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following liquefaction. This reduction in skin friction may have been caused by water and sand
escaping along the interface with the shaft causing a reduction in skin friction.
3. Following blast induced liquefaction and reconsolidation of the liquefied layer, negative skin
friction typically developed on the test piles from the ground surface to a depth of 52 to 65 feet.
Below this develop, positive skin developed to the bottom of each test pile where end-bearing
resistance provided the force necessary to achieve static equilibrium.
4. In all cases, the neutral plane was located below the liquefied layer, but in layers where excess
pore pressure ratios had been high enough to produce a small amount of settlement (≈0.25 to
0.50 inches). Because the neutral plane was located below the liquefied layer pile settlements
were relatively low in all cases.
5. The location of the neutral plane can be defined as the depth where negative skin friction
changes to positive skin friction and the load in the pile is maximum. It is also defined as the
depth where the settlement of the pile is equal to the settlement of the soil. Generally, the
locations of the neutral plane obtained from maximum load and from equal settlement were
consistent with one another. Discrepancies can likely be attributed to the spacing of the strain
gauges or uncertainty in the soil settlement measurements. For the H-pile, the neutral plane from
settlement was at a depth of 52 feet and the neutral plane from the maximum load was at a depth
of about 55 feet. For the pipe pile, the neutral plane from settlement was at 60 feet and the
neutral plane based on the maximum load was at a depth of 61 feet. The concrete pile had a
neutral plane from settlement of 65 feet, and a neutral plane from the maximum load at a depth
of 65 feet.
6. Calculating the settlement of the pile during liquefaction using the neutral plane method and
the Q-z curve for end-bearing mobilized proposed by O’Neill & Reese (1999) proved to be very
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accurate. All of the measured settlements were much less than one standard deviation of the
predicted settlement. For the H pile predicted settlement to mobilize end-bearing was 0.35
inches while the pile actually settled about 0.28 inches. For the pipe pile, settlement predicted to
develop end-bearing was 0.32 inches and the pile actually settled 0.32 inches. Lastly, for the
concrete square pile, settlement predicted to mobilize end-bearing was 0.32 inches while
measured settlement was about 0.28 inches.
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